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5 Physical processes and design tools

-

Chapter 5 presents hydraulic and geotechnical design approaches equations.

)

Key inputs from other chapters

° Chapter 2 = project requirements
° Chapter 3 = material properties
° Chapter 4 = hydraulic and geotechnical input conditions

Key outputs to other chapters

° parameters for structure design = Chapters 6, 7 and 8

NOTE: The project process is iterative. The reader should revisit Chapter 2 throughout the
project life cycle for a reminder of important issues.

& J

This flow chart shows where to find information in the chapter and how it links to other

chapters. Use it in combination with the contents page and the index to navigate the manual.

2 Planning and designing 4 Physical site conditions

3 Materials rock works and data collection

A

Chapter 5 Physical processes and design tools

5.1 5.2 54
Hydraulic performance Structural response Geotechnical design
waves: run-up, overtopping, stability parameters; geotechnical risks, limit
transmission, reflection; waves: armour layers, toe states, Eurocodes approach,
currents: seepage flow, protection, crest and rear-side, filter rules, slope stability,
rockfill closure dams berm breakwaters; internal stability, earth-
currents: bed and slope quake resistance
protection, near-bed
structures
5.3
Modelling of hydraulic interaction and structural response
scale modelling, numerial modelling

Y
6 Design of marine structures
7 Design of closure works
8 Design of river and canal structures

9 Construction

10: Monitoring, inspection,
maintenance and repair
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This chapter discusses the effects of physical processes that determine the hydraulic 1
performance and structural response of rock structures. Hydraulic performance and

structural response are often represented in empirical and semi-empirical formulae. These

formulae are adequate tools for conceptual design, if the user is aware of the influence of

uncertainties. In some cases the formulae in this chapter describe the main trend through

data, whereas in others recommendations are also given on how to account for spreading

around the mean value representing the best fit through the data. 2

NOTE: The user should not only be aware of spreading around the mean value representing

the best fit through the data, but also of the range of validity of each formula, often

dependent on the quality and quantity of the data on which the formula is based. For the

detailed design of rock structures it is recommended that the uncertainties be limited. This

can in many cases be achieved by performing appropriate testing of rock, performing soil 3
investigations and performing high-quality geotechnical analysis and physical model testing.
Furthermore, hydraulic data, such as currents and waves, are also uncertain, so design

parameters should be based on analysis of long-term datasets and a probabilistic approach.

The processes covered by this chapter concern armourstone and core material (and to a
certain extent also concrete armour units) under hydraulic and ice loading. In addition to 4
the general flow chart provided at the start of this chapter, which illustrates the way Chapter
5 relates to the rest of the manual, a second flow chart, Figure 5.1, has been included to show
the organisation of information within this chapter.

Chapter 4 provides information on boundary and site conditions (ie exclusive of the
structure); see the top part of Figure 5.1. The current chapter goes on to describe the
hydraulic performance and structural responses based on hydraulic, ice and structural
parameters. These parameters are used to describe the loads on structures and the response

of rock structures, subsoil and adjacent sea bed. Chapters 6, 7 and 8 provide guidance on
how the conceptual design tools from Chapter 5 can be used to design structures, for
example how to develop appropriate cross-sections and giving details of specific types of
structures. 6

Chapter 4 provides information on input for use in the conceptual design tools. This includes
environmental conditions (waves, currents, ice and geotechnical characteristics) that in
general cannot be influenced by the designer. To assess information on the hydraulic
performance and structural response, use is made of hydraulic parameters, geotechnical

parameters and parameters related to the structure (see Figure 5.1). 7

e hydraulic parameters that describe wave and current action on the structure (hydraulic
response) are presented in Sections 5.1.1 and 5.1.2. The main hydraulic responses to
waves are run-up, overtopping, transmission and reflection (Section 5.1.1). Principal
parameters describing the hydraulic responses to current are bed shear stresses and
velocity distributions (Section 5.1.2) 8

® geotechnical parameters are mainly related to excess pore pressures, effective stresses
and responses such as settlement, liquefaction and dynamic gradients, described in
Section 5.4 (see also Section 4.4).

e structural parameters include the slope of the structure, the crest height of the
structure, the type of armour layer, the mass density of the rock, the grading and shape
of the armourstone, the permeability of the structure parts, and the dimensions and 9
cross-section of the structure. The structural parameters related to structural response —
also called the hydraulic stability — are described in Section 5.2.1.

Note

A large number of the methods and equations from this manual is included in the software package 10
CRESS, which is free to download from: <www.cress.nl>
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5 Physical processes and design tools

These parameters are used to describe the hydraulic performance and the structural

response:

® hydraulic performance is often related to either waves (Section 5.1.1) or currents
(Section 5.1.2)

e structural response is also often related to waves (Section 5.2.2) and to currents (Section
5.2.3). In certain areas it may also be related to ice (Section 5.2.4); and it is also related

to geotechnical aspects (Section 5.4).

This chapter does not discuss loads related to tsunamis, earthquakes, other dynamic loads or
special loads during the construction phase For tsunami loads, see Section 4.2.2. Response of
structures to dynamic loads and earthquakes is discussed in Section 5.4. Special loads during
construction are discussed in Chapter 9.

The modelling aspects of hydraulic interaction and structural response are discussed in
Section 5.3, subdivided in scale (physical) and numerical modelling techniques.

4 Physical and environmental boundary and site conditions

Bathymetry and Hydraulic Ice Geotechnical
morphology conditions conditions conditions
Section 4.1 Section 4.2, 4.3 Section 4.5 Section 4.4

Y Y Y Y

Chapter 5 Physical processes and design tools

Governing hydraulic
parameters

Section 5.1.1.1: Waves
Section 5.2.1.2: Currents

Structural parameters
and concepts

Section 5.2.1.2: Parameters
Sections 5.2.1.3 - 7: Concepts

Governing geotechnical
parameters

Section 4.4: Subsoil

Section 5.4: Rock and subsoil

Hydraulic performance Structural response/stability

Section 5.1.1: Waves: Run-up, overtopping, -------- > Section 5.2.2: Waves: Stability of rock slopes,
transmission, reflection low-crested structures,

rearside, toes, filters, berm

breakwaters, roundheads

Section 5.2.3: Currents: Stability of bed and
slope protection, rockfill dams

Section 5.2.4: Ice: Stability of rock slopes
Section 5.4: Geotechnical stability

Y Y

Modelling of hydraulic interaction
and structural response

Section 5.1.2: Currents: Seepage flow,
hydraulics of rockfill dams

Section 5.3.2: Scale modelling
Section 5.3.3: Numerical modelling

Figure 5.1 Flow chart of this chapter; from physical processes to hydralic performance and

structural response
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51 HYDRAULIC PERFORMANCE 1
511 Hydraulic performance related to waves

This section describes the hydraulic interaction between waves and structures. The following
aspects are considered:

e wave run-up (and wave run-down)
® wave overtopping
® wave transmission

e wave reflection.

These different types of hydraulic performance have been the subject of much research. This
has resulted in a large variety of highly empirical relationships, often using different non-

dimensional parameters.

The prediction methods thus obtained, and given in this manual, are identified with (where
possible) the limits of their application. In view of the above, the methods are generally 4
applicable to only a limited number of standard cases, either because tests have been
conducted for a limited range of wave conditions or because the structure geometry tested
represents a simplification in relation to practical structures. It will therefore be necessary to
estimate the performance in an actual situation from predictions for related (but not
identical) structure configurations. Where this is not possible, or when more accurate

predictions are required, physical model tests should be conducted.

NOTE: The wave run-up and wave overtopping formulae given in Section 5.1.1 are mainly

based on data for structures with an impermeable slope, eg dikes. Extension to run-up and
overtopping for armourstone slopes as part of a permeable structure is somewhat
hypothetical in some special situations. However, guidance is given on run-up and
overtopping of sloping permeable (rock) structures. The guidance is based on the results of 6
two EU research projects, CLASH and DELOS, but further validation is required if these

formulae are to be used for purposes other than first estimates.

In this section different approaches are given for calculating wave run-up levels and wave

overtopping discharges for various standard sloping structures. The user of the formulae is

advised to check validity in the range of the desired application. The ranges of validity and 7
key differences are given for each of the approaches presented in this section; no preference

for any particular formula is given. If more than one formula is considered to be valid, a

sensitivity analysis should be performed on the choice of the formula. The choice for a

particular application should be based on whether a conservative estimate or a best-guess (an

average) is required.

Section 5.1.1.1 introduces the types of hydraulic performance related to waves, together with
their governing parameters. The various types of hydraulic performance are outlined in
more detail in Sections 5.1.1.2 to 5.1.1.5.

5111 Definitions and governing parameters
From the designer’s point of view, the important hydraulic interactions between waves and
hydraulic structures are wave run-up, wave run-down, overtopping, transmission and

reflection, illustrated in Figure 5.2. Within this section these hydraulic interactions are
introduced together with their governing parameters.

10
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5 Physical processes and design tools

Wave steepness and surf similarity or breaker parameter
Wave conditions are described principally by:

® the incident wave height, H; (m), usually given as the significant wave height, H (m)

e the wave period given as either the mean period, 7,, (s), or the mean energy period, T,, | o
(s), or the peak period, T, (s)

e the angle of wave attack, 8 (°)

® the local water depth, /4 (m).

The influence of the wave period is often described using the fictitious wave steepness, s, (see
Equation 5.1), based on the local wave height, H (m), and the theoretical deep-water
wavelength, L, (m), or wave period, T (s).

so=HIL, =221 (5.1)

g&T

The most useful parameter for describing wave action on a slope, and some of its effects, is
the surf similarity or breaker parameter, & (-), also known as the Iribarren number, given in
Equation 5.2:

& =tana /\/Z (5.2)

where o is the slope angle of the structure (°); see Figure 5.2 and also Equation 4.44.

Ly NS R T

Figure 5.2 Hydraulic interactions related to waves and governing parameters
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5.1 Hydraulic performance

The surf similarity parameter has often been used to describe the form of wave breaking on a 1
beach or structure (see Section 4.2.4.3 and Figure 5.3).

NOTE: Different versions of the Iribarren number, & , are used in this manual. For example,

very different values for s or £ may be obtained, depending on whether local or deep-water

wave heights (eg H, or H,) and/or specified wave periods (eg T,,, T},.1 o or T}) are used. For

the wave height, either the significant wave height based on time-domain analysis (H; = Hy3) 2
or the wave height based on spectral analysis (H, = H,,) is used. Indices (as subscripts) must

be added to the (fictitious) wave steepness, s (-), and the breaker parameter, £ (-), to indicate

the local wave height and wave period used:

e 5, and &, , when using H (m) (from wave record) and mean wave period, 7, (s)

° 5 and Sps when using H, (m) (from wave record) and peak wave period, T, (s), from the 3
wave spectrum

® 5,10and¢&, o, when using H,, (m) and the energy wave period, T, |, (s), from the
wave spectrum
® 5., and & o when using H (m) (from wave record) and the energy wave period, T,

® s, when indicating the real wave steepness at the toe of the structure, using H, (m) from 4
wave record and the local wavelength, L[, (m), associated with the peak wave period, Tp (s)-

Spectral analysis of waves is discussed in Section 4.2.4. For conversions of a known peak
period, T}, (s), to the spectral period for a single-peaked spectrum, 7, 4 (s), in not too
shallow water (ie #/H,,, > 3, where h is the water depth at the toe of the structure (m)),
Equation 5.3 can be used.

Tp =1.1Tn10 (5.3)

The ratio of the peak period and the mean period, 7,/T,,, usually lies between 1.1 and 1.25.

For further information on the various wave period ratios, see Section 4.2.4.5.

For most of the formulae presented in this section, the wave height, H, and the wave period,
T, are defined at the toe of the structure. Whenever deep-water wave parameters are to be
used, this is explicitly indicated.

IR e b O A =) .: Iﬂ.-ﬁ
Plungin S

Spilling

Figure 5.3 Breaker types as a function of the surf similarity parameter, & (Battjes, 1974)

10
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Wave run-up (and wave run-down)

Wave action on a sloping structure will cause the water surface to oscillate over a vertical
range that is generally greater than the incident wave height. The extreme levels reached for

each wave are known as run-up, R,

» and run-down, R, respectively, defined vertically

relative to the still water level, SWL (see Figure 5.2) and expressed in (m). The run-up level
can be used in design to determine the level of the structure crest, the upper limit of
protection or other structural elements, or as an indicator of overtopping or wave
transmission. The run-down level is often used to determine the lower extent of the

armour layer.
Wave overtopping

If extreme run-up levels exceed the crest level, the structure will be overtopped. This may
occur for relatively few waves during the design event, and a low overtopping rate may often
be accepted without severe consequences to the structure or the protected area. In the design
of hydraulic structures, overtopping is often used to determine the crest level and the cross-
section geometry by ensuring that the mean specific overtopping discharge, ¢ (m%/s per metre
length of crest), remains below acceptable limits under design conditions. Often the

maximum overtopping volume, V,

nax (M? per metre length of crest), is also used as a design

parameter.
Wave transmission

Breakwaters with relatively low crest levels may be overtopped with sufficient severity to
excite wave action behind. Where a breakwater is constructed of relatively permeable
material, long wave periods may lead to transmission of wave energy through the structure.
In some cases the two different responses will be combined. The quantification of wave
transmission is important in the design of low-crested breakwaters, intended to protect
beaches or shorelines, and in the design of harbour breakwaters, where (long period) waves

transmitted through the breakwater may cause movement of ships.

The transmission performance is described by the coefficient of transmission, C, (-) , defined
as the ratio of the transmitted to incident wave heights H, and H; respectively (see Equation
5.4):

Ci=H; /H; (5.4)
Wave reflection

Wave reflections are of importance on the open coast, at harbour entrances and inside
harbours. The interaction of incident and reflected waves often leads to a confused sea state
in front of the structure, with occasional steep and unstable waves complicating ship
manoeuvring. Inside harbours, wave reflections from structures may also cause moored ships
to move and may affect areas of a harbour previously sheltered from wave action. Reflections
lead to increased peak orbital velocities, increasing the likelihood of movement of bed and
beach material. Under oblique waves, reflection will increase littoral currents and hence local

sediment transport. All coastal structures reflect part of the incident wave energy.

Wave reflection is described by a reflection coefficient, C, (-) (see Equation 5.5), defined in
terms of the ratio of the reflected to incident wave heights, H; (m) and H, (m), respectively:

C.=H, |H; (5.5)

490 CIRIA C683



5.1 Hydraulic performance
5112 Wave run-up 1

Wave run-up is defined as the extreme level of the water reached on a structure slope by

wave action. Prediction of run-up, R,, may be based on simple empirical equations obtained

from model test results, or on numerical models of wave/structure interaction. All calculation

methods require parameters to be defined precisely. Run-up is defined vertically relative to

the still water level (SWL) and will be given positive if above SWL, as shown in Figure 5.2. 2
Run-up and run-down are often given in a non-dimensional form by dividing the run-up

/H, and Ry, ¢, /H,,

where the additional subscript “n” is used to describe the exceedance level considered, for

value by the significant wave height at the structure, for example R,

example two per cent. This exceedance level is related to the number of incoming waves.

Unlike regular waves, which result in a single value of maximum wave run-up, irregular 3
waves produce a run-up distribution. This necessitated the run-up formulae determining a
representative parameter of the wave run-up distribution. The most common irregular wave

run-up parameter is R, oq, (m).

Although the main focus of this section is wave run-up, information on wave run-down is
included in Box 5.1. 4

Basic approach

Most of the present concepts for run-up consist of a basic formula that is a linear function of
the surf similarity or breaker parameter, & (-), as defined by Equation 5.2. Equation 5.6 gives
the general relationship between the 2 per cent run-up level, R 9 (m), and the slope angle

(through tana in & )and the wave height and periods:

Ry /Hy =45 +B (5.6)
where A and B are fitting coefficients (-) defined below.

Run-up levels will vary with wave heights and wavelengths in a random sea. Generally, the
form of the probability distribution of run-up levels is not well established. Results of some
tests suggest that, for simple configurations with slopes between 1:1.33 and 1:2.5, a Rayleigh
distribution (see Box 4.10) for run-up levels may be assumed where other data are not
available.

Hydraulic structures can be classified by their slope roughness and their permeability. Most
of the field data available on wave run-up apply to impermeable and mainly smooth slopes,
although some laboratory measurements have also been made on permeable rock- and
concrete-armoured slopes.

Within the context of this manual, rock slopes are considered explicitly and specific methods 8
have been defined for them. Methods for smooth slopes may nevertheless be used for rock-
armoured slopes that are fully grouted with concrete or bitumen.

In certain cases prediction methods developed for smooth slopes can be used for rough

slopes by applying a roughness correction factor. Correction factors can also be used to take

into account complicating conditions such as oblique waves, shallow foreshores and bermed 9
slopes. As an alternative to the use of correction factors, some explicit formulae have been

developed for rough permeable slopes and special conditions such as ship-induced waves.
The various methods to calculate wave run-up are illustrated in Figure 5.4. A method for

calculating the wave run-up velocity,  (m/s), and water layer thickness 2 (m), is included in
Box 5.5 in Section 5.1.1.3. 10
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Basic approach for wave run-up - Equation 5.6

Y

Smooth slopes

e Ahrens (1981)
e Allsop et al (1985)
e TAW (2002a)

Y Y

Rough slopes - correction factors | Rough slopes - explicit formulae

\ Y

Special conditions - correction factors Special conditions - explicit formulae

e oblique waves e ship-induced waves (PIANC, 1987)
e shallow foreshores (for formulae by

Ahrens (1981) and Allsop et al (1985))
e bermed slopes

Figure 5.4 Calculation methods for wave run-up

NOTE: Different approaches are given for calculating wave run-up levels. The user of the
formulae is advised to first check the validity of the formulae in the range of the desired
application. For each of the approaches discussed, the ranges of validity and key differences
are given; no general preference for a particular formula is given. If more than one formula
is considered to be valid, it is advised to perform a sensitivity analysis on the choice of the
formula. The choice should be based on whether for a particular application a conservative
estimate or a best-guess (an average) is required.

Smooth slopes

Based on measurements, Ahrens (1981) has developed a prediction curve corresponding to
Equation 5.6 for 2 per cent wave run-up using §p, with the non-dimensional coefficients A and
BbeingA = 1.6 and B = 0 for §, < 2.5. For larger values of the breaker parameter (ie §, > 2.5),
the coefficients A and B in this curve are A = -0.2 and B = 4.5.

Allsop et al (1985) also developed a prediction curve corresponding to Equation 5.6 for values
of the breaker parameter 2.8 < §, < 6. To predict the two per cent wave run-up, the following
coefficients are suggested (which do not include safety margins): 4 = -0.21 and B = 3.39.

For the prediction curves by Ahrens (1981) and Allsop et al (1985), correction factors can be
used to take into account the influence of berms, ¥, slope roughness, v oblique waves, 7
and shallow foreshores, y, (see Equation 5.7). These correction factors will be introduced
later within this section; for smooth straight slopes with perpendicular waves and deep
foreshores these factors are all 1.0.

Ruoos/Hs =y 77 vp yvn(AEp+ B) (5.7)

492 CIRIA C683



5.1 Hydraulic performance

In the Netherlands a prediction curve has been developed, reported in Wave run-up and wave 1
overtopping at dikes (TAW, 2002a), in which the breaker parameter, &, , ¢, is applied, calculated

by using the spectral significant wave height (H, = H,,;) and the mean energy wave period,

Ty-10 (8), instead of the significant wave height (H; = H,;3) from time-domain analysis and the

peak wave period, T}, (s), as in the methods by Ahrens (1981) and Allsop et al (1985). The

mean energy wave period, T, | o (s), accounts for the influence of the spectral shape and

shallow foreshores (Van Gent, 2001 and 2002). Spectral analysis of waves is discussed in 2
Section 4.2.4; a simple rule for estimating 7, o (s) is given in Section 5.1.1.1.

TAW (2002a) presents Equations 5.8 and 5.9 for the determination of wave run-up:

Rz Huo = A75Y 1Y Em10 (5.8)

with a maximum or upper boundary for larger values of &, | , (see Figure 5.5) of:

R /Hmo =77 vp (B—C/\lém—l,o) (5.9)

This prediction curve is valid in the range of 0.5 < y,§,, | o < 8 to 10, and is presented in

Figure 5.5. The berm factor, y,, the roughness factor, 78 and the correction factor for oblique 4
waves, ¥, will be introduced later in this section. For straight smooth slopes and

perpendicular wave attack (8 = 0°) these factors are all 1.0.

Values have been derived for the coefficients A, B and C in Equations 5.8 and 5.9 that
represent the average trend, i, through the used dataset for use in probabilistic calculations.
Values that contain a safety margin of one standard deviation, o, are suggested for
deterministic use. Both values for these coefficients are presented in Table 5.1. For more
details on this method, see TAW (2002a).

Table 5.1 Values for the coefficients A, B and C in Equations 5.8 and 5.9
Coefficients Values with safety margin (u - o) - Values without safety margin/ 6
(in Eq 5.8 and 5.9) deterministic calculations average trend - probabilistic calculations
A 1.75 1.65
B 43 4.0
C 1.6 1.5

Rough slopes

For calculating wave run-up on rough slopes either roughness correction factors or explicitly
derived formulae can be used. For first estimate purposes, R, oq/H; < 2.3 can be used as a
rule of thumb. 8

® Rough slopes - correction factors

The calculation of run-up levels on rough impermeable slopes can be based upon the

methods for smooth slopes given above and the use of a run-up reduction factor, y;, that

should be multiplied with the run-up on a smooth slope. Because of differences between the 9
methods for smooth slopes (eg definition of wave period), the limitations of using this factor

are different for the prediction methods by Ahrens (1981) and Allsop et al (1985) compared

with the method by TAW (2002a); see footnote to Table 5.2. The values for the roughness

coefficient, as listed in Table 5.2, were taken from Wave run-up and wave overlopping at dikes

(TAW, 2002a).

10
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Roughness reduction factors for slopes covered with concrete armour units are presented in
Table 5.10, in Section 5.1.1.3. They have been derived for overtopping calculations and also
apply as a first estimate for assessing the wave run-up.

Table 5.2 Values for roughness reduction factor, yf(TAW, 2002a)
Structure type Y
Concrete, asphalt and grass 1.0
Pitched stone 0.80-0.95
Armourstone - single layer on impermeable base 0.70
Armourstone - two layers on impermeable base 0.55
Armourstone - permeable base Figure 5.5

Notes:

1 For the methods using Equation 5.7, the roughness factor, y; is only applicable for small values of
the breaker parameter, ép < 3 to 4, as no data are available for larger values of éﬁ.

2 For the TAW method using Equations 5.8 and 5.9, the roughness factor, y;, is only applicable for &,
< 1.8. For larger values this factor increases linearly up to 1 for y,&, | o = 10 and it remains 1 for larger
values.

®  Rough slopes — explicit formulae

As an alternative to the use of the roughness correction factors, explicit formulae have been
derived from tests with rough rubble slopes on structures with permeable and impermeable

cores.

For most wave conditions and structure slope angles, a rubble slope will dissipate significantly
more wave energy than the equivalent smooth or non-porous slope. Run-up levels will
therefore generally be reduced. This reduction is influenced by the permeability of the
armour, filter and underlayers, and by the wave steepness, s = H/L. To obtain an alternative
to using a roughness correction factor, run-up levels on slopes covered with armourstone or
rip-rap have been measured in laboratory tests, using either regular or random waves. In
many instances the rubble core has been reproduced as fairly permeable. Test results

therefore often span a range within which the designer must interpolate.

Analysis of test data from measurements by Van der Meer and Stam (1992) has given
prediction formulae (Equations 5.10 and 5.11) for rock-armoured slopes with an
impermeable core, described by a notional permeability factor P = 0.1, and for porous
mounds of relatively high permeability, given by P = 0.5 and 0.6. The notional permeability
factor, P (-), is described in Section 5.2.1.2 and Section 5.2.2.2. Note that this analysis is based

upon the use of §,,.
Runvi[Hs =a&m for &,< 1.5 (5.10)
Runvi [Hs =bEyS for &, > 1.5 (5.11)
The prediction curves based on the Equations 5.10 and 5.11 give the average trend through
the dataset, and represent conditions with permeable core and impermeable core (large
scatter in the data points).

The run-up for permeable structures (P > 0.4) is limited to a maximum, given by Equation 5.12.

Ry [Hy =d (5.12)
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Values for the coefficients g, b, ¢ and d in the Equations 5.10 to 5.12 have been determined
for various exceedance levels of the run-up, see Table 5.3. The experimental scatter of d is
within 0.07.

Table 5.3 Coefficients in Equations 5.10 to 5.12
Run-up level n% a b c d

0.1 1.12 1.34 0.55 2.58

1 1.01 1.24 0.48 2.15

2 0.96 1.17 0.46 1.97

5 0.86 1.05 0.44 1.68

10 0.77 0.94 0.42 1.45

50 (median) 0.47 0.60 0.34 0.82

Equations 5.10 and 5.11 use the mean wave period, 7,,, while for smooth slopes the mean

energy wave period, T, | o, has been used, ie in Equations 5.8 and 5.9.

Research in the EU program CLASH showed that for small values of the breaker parameter
there would be a difference between permeable and impermeable underlayers. For these
reasons the original data of Van der Meer and Stam (1992) have been reanalysed, leading to

the prediction curves presented in Figure 5.5.

Figure 5.5 shows the results for three slopes with an impermeable core and three slopes with a
permeable core, each of which is provided with a prediction line; moreover, a third prediction
line is added for smooth impermeable slopes. The line for an impermeable core is based on y
= 0.55 and for a permeable core on y; = 0.40 (see also Table 5.10). From &, , = 1.8 the
roughness factor increases linearly up to 1 for &, o = 10 and it remains 1 for larger values.

For a permeable core, however, a maximum is reached of R,90/H, = 1.97 (see Table 5.3).

4.0 r
smooth impermeable
Equations 5.8-5.9
35 -
a0k rough,
impermeable
Equations 5.8-5.9
25 Yi=0.55
3
<
# 20F I
4 *
q rough,
o
permeable
15 Equations 5.8-5.9
Ys = 0.40 and
10k Equation 5.12
¢ imp. col =2 * perm. col a = 1.5
05 r Oimp.cola=3 ®perm. ool a=2
Almp. cota=4 Aperm cola=3
0.0 i 5 i ; - - -
0 1 2 3 4 5 B 7 a8 8 10
Spectral breaker parameterZ,
Figure 5.5 Relative run-up on rock-armoured slopes with permeable and impermeable core using

the spectral breaker parameter, &, , and Equations 5.8, 5.9 and 5.12
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Special conditions

The effects of oblique wave attack (by means of correction factor, yg), shallow foreshores (by
means of depth-reduction factor, y,), bermed slopes (by means of berm correction factor, y,)

and ship-induced waves (with explicit formulae) on the wave run-up are discussed below.

®  Oblique waves

For oblique waves, the angle of wave attack, B (°), is defined as the angle between the
direction of propagation of waves and the axis perpendicular to the structure (for normal
wave attack: f = 0°).

NOTE: The angle of wave attack is the angle after any change of direction of the waves on
the foreshore due to refraction.

Most of the research performed on the influence of oblique wave attack concerns long-
crested waves, which have no directional distribution. In nature, however, only long swell
waves from the ocean can be considered long-crested and most waves are short-crested,
which means that the wave crests have a finite length and the waves an average direction of
incidence. This directional scatter for short-crested waves affects the run-up and
overtopping.

The overall conclusions for calculating wave run-up for oblique waves, which are applicable

for all described methods, are as follows:

® wave run-up (and overtopping) in short-crested seas is maximum for normal wave attack
e reduction of run-up for short-crested oblique waves, with a large angle of incidence, 8
(°), s not less than a factor 0.8 compared with normal wave attack

® the correction factor, y; , for oblique short-crested waves is given by Equation 5.13 and is

valid for the different methods to calculate run-up.

vp =1-0.0022| | for 0° <|B|<80° (5.13)
For angles of approach, B > 80°, the result of f = 80° can be applied.

NOTE: The influence of oblique wave attack on wave run-up differs slightly from the
influence of oblique wave attack on wave overtopping discharges; see Equations 5.37-5.39.

®  Shallow foreshores

On a shallow foreshore, generally defined as h/H,,, < 3, where & is the water depth at the
toe of the structure (m), the wave height distribution and wave energy spectra change. The
wave height distribution, for example, deviates from a Rayleigh distribution (see Section
4.2.4). As a result, Hyg,/H, may be smaller than 1.4 (Rayleigh), with typical values of 1.1-1.4.
In Equation 5.7 the influence of the change in wave height distribution on wave run-up can
be described by a depth-reduction factor, y, (-), that is calculated from Hyq, and H, at the toe
of the structure with Equation 5.14.

i =(Hay,/Hy)/1.4 (5.14)
The value of the depth-reduction factor is y, = 1 for deep water, say i/H,,,, > 4. The method

developed by Battjes and Groenendijk (2000) provides a generic approach to obtaining
estimates of the ratio of Hyq/H, (see Section 4.2.4.4).
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Equations 5.8 and 5.9 presented in TAW (2002a) have been based on test results that include 1
shallow foreshores. This prediction method is therefore also applicable in this area without

the use of a reduction factor. Effects of shallow foreshores on wave run-up are dealt with in,

for example, Van Gent (2001).

® Bermed slopes

TAW (2002a) gives a method to take into account the influence of bermed slopes on wave
run-up (and overtopping). This method consists of two calculation steps.

1 Calculation of the representative slope angle, a (°), to determine the surf similarity

parameter, &.

2 Calculation of the correction factor for the influence of berms, y . 3

NOTE: This correction factor, , , is valid for use in the methods of Ahrens (1981), Allsop et
al (1985), and also in the method of TAW (2002a).

Figure 5.6 and Equation 5.15 show how to obtain the representative slope angle, a, to be
used in calculating the breaker parameter, which is needed to determine the wave run-up 4
(see Equation 5.8).

-
-~ "
-~
o R
LEL -~
— . .-. -
-1| ik ..___. Ls ! -
o = ’
- —= #
Figure 5.6 Definition of representative slope, denoted as tana
tana = (1.5H 0 + Ry254)/ (Lotope — B (5.15)

NOTE: As Equation 5.15 contains the run-up level R,9¢,, which is unknown as yet, the value

has to be determined using an iterative approach. The standard procedure is to start with a 7
value of R 9q, = 1.5H,,5 or 2H,,,. After having determined the breaker parameter, &,, | o =

tana/\/sm_l,o, and subsequently the run-up level by using Equation 5.8, it has to be checked to

establish whether or not the deviation from the initially assumed value is acceptable.

Once the surf similarity parameter, &, to be used in the prediction method has been obtained,

a correction factor for the influence of berms, y,, as proposed in TAW (2002a), can be used. 8
This correction factor (see Equation 5.16) consists of two factors, one for the influence of the

berm width, kg, and one for the level of the middle of the berm in relation to SWL, &,,.

7y =1-kp(1-£k;) with 0.6 < 9,< 1.0 (5.16)

This method is valid for berms not wider than 1/4 of the deep-water wavelength, L, (m), here 9
in this method based on 7, . This method is valid only for calculating the influence of
sloping berms up to 1:15, and sloping berms in this range should be defined as an equivalent

horizontal berm, B as shown in Figure 5.7 (which is equal to By in Equation 5.17). If

sloping berms are steeper than 1:15, it is suggested that wave run-up (and overtopping) be
calculated by interpolation between the steepest berm (1:15) and a straight slope (1:8), or by

interpolation between the longest possible berm (L, /4) and a shallow foreshore. 10
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Figure 5.7 Definition of berm width, B, for use in Equation 5.17, and berm depth, hg

The influence of the berm width factor, kg, is defined by Equation 5.17, with explanatory
definition of the berm length, L;,,,, (m) inFigure 5.8.

kp=1- 2Hmo / Lberm _ Bp (5.17)
2H o/ (Lberm —BB) Lperm
tksaoa el il Liae )
rairirka nf rn e -__.-"
__.-"
EL = -~ ]
— i . I - . 108
3 L]
1.l.l.l1'.-I e
._'.. a H |
— — .-..
Figure 5.8 Changes in slope for berms

With the approach from TAW (2002a), a berm positioned on the still water line is most
effective. The influence of the berm disappears when the berm lies higher than the run-up
level, R,9¢,, on the lower slope or when it lies more than 2H,,, below SWL. The influence of
the berm position can be determined using a cosine function, in which the cosine is given in
radians by Equation 5.18:

kn =0.5—0.5005(nh—3) (5.18)
x
where:
X = R,9q, if berm is above still water line, ie 0 < hg < R, 99,
X = 2H,,, if berm is below still water line, ie 0 < hy < 2H,,
ky, = 1 if berm is outside influence area, ie iy < -R,9q, OT hy 2 2H

NOTE: In the case of a berm above SWL, an iterative approach should be adopted to
calculate the eventual value of the wave run-up, as this parameter is part of Equation 5.16
(via Equation 5.18) to determine the correction factor for the influence of berms, y, .
Standard procedure is to start with a value of R o, = 1.5H,,, or 2H,,,, and then to check the
result of the calculation as to whether the deviation is acceptable or not. For more details on
this method, see TAW (2002a).
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e  Ship-induced waves

The following set of empirical relationships has been derived for wave run-up of ship-
induced waves (for definitions of ship-induced water movements, H and H, see Section 4.3.4).
The formulae have been calibrated with typical vessels sailing on Dutch inland waterways and
should be regarded as specific to this case; see PIANC (1987). Similar ship-wave parameters

', is described in terms of

have been used as for wind waves; so ship-induced wave run-up, R,/,

the similarity parameter, &, for ship waves by means of Equations 5.19-5.21:

R,'/H=¢ for £<2.6 (5.19)
Ry'/H =65-1.5¢ for 2.6 < & < 3.0 (5.20)
RJ'JH=2.0 for £ > 3.0 (5.21)

where & = tana/\/(Hl-/IJi) and L; is the wavelength (m), equal to 4/3 n(V,)?/g (see Section 4.3.4.2
and Section 5.2.2.2).

Given the specific character of the above formulae, the reliability for an arbitrary case may be
limited.

The highest run-up values occur due to the interference peaks or secondary ship waves with

an angle of incidence, f (°), and can be estimated using Equation 5.22.

R,'/H; =2.0&/cosf (5.22)

This Equation 5.22 is valid for straight smooth surfaces. To obtain the effective run-up it
should be multiplied by a roughness reduction factor, 7, and (when relevant) by a berm
correction factor, , . Typical values for the roughness reduction factor, y;, are presented in
Table 5.2.

Wave run-down

The lower extreme water level reached by a wave on a sloping structure is known as wave
run-down, R,;. Run-down is defined vertically relative to SWL and will be given as positive if

below SWL, as shown in Figure 5.2. Information on wave run-down is included in Box 5.1.

Box 5.1 Wave run-down

Run-down on straight smooth slopes can be calculated with Equations 5.23 and 5.24:

Raav[Hs =0.338), for0<¢,<4 (5.23)
Raow/Hs =1.5 for &, >4 (5.24)
Run-down levels on porous rubble slopes are influenced by the permeability of the structure and the surf
similarity parameter. For wide-graded armourstone or rip-rap on an impermeable slope a simple

expression (see Equation 5.25) for a maximum run-down level, taken to be around the 1 per cent level,
has been derived from test results by Thompson and Shuttler (1975):

Rdl%/Hs =0.345, - 0.17 (5.25)

Analysis of run-down by Van der Meer (1988b) has given a relationship - Equation 5.26 - that includes the
effects of structure notional permeability, P (-), slope angle, o (°), and fictitious wave steepness, s, (-):

Razo/Hs = 2.1tana —1.2P%1° +1.5exp(~6050m ) (5.26)
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Wave overtopping

In the design of many hydraulic structures the crest level is determined by the wave
overtopping discharge. Under random waves the overtopping discharge varies greatly from
wave to wave. For any specific case usually few data are available to quantify this variation,
particularly because many parameters are involved, related to waves, geometry of slope and
crest, and wind. Often it is sufficient to use the mean discharge, usually expressed as a
specific discharge per metre run along the crest, ¢ (m%s per m length or I/s per m length).
Suggested critical values of ¢ for various design situations are listed in Table 5.4. Methods to
predict the mean overtopping discharge are presented in this section.

Table 5.4 also presents critical peak volumes, V,,,,

(m¥%per m length), which may be of greater
significance than critical discharges in some circumstances. However, based on assumptions
or specific studies, the maximum overtopping volume can generally be defined by the mean
overtopping rate. Prediction methods for calculating overtopping volumes associated with
individual waves, as well as information on velocities and the thickness of water layers during
wave run-up and overtopping events, are relatively new. Some suggestions are included at
the end of this section and in Box 5.4.

Basic approach

Methods to calculate wave overtopping are generally based on formulae of an exponential form
in which the mean specific overtopping discharge, ¢ (m?/s per metre length of crest), is given by
Equation 5.27.

q=4 exp(BR,) (5.27)

Within this Equation 5.27, the coefficients A and B are, depending on the method concerned,
functions of parameters that describe the wave conditions and the structure such as the slope
angle, berm width etc. Overtopping is also a function of the freeboard, R, , defined by the

height of the crest above still water level.

NOTE: In the literature the symbol Q is used to denote the overtopping discharge. This
manual uses Q for total discharge (m?%s) and ¢ for specific discharge (m?/s per m).

As with wave run-up, different methods are available to predict overtopping for specific types
of hydraulic structure (smooth or rough slopes, permeable or non-permeable) that are based
on Equation 5.27. Also complicating conditions like oblique waves, shallow foreshores and
bermed slopes can be taken into account by using either correction factors or explicit
formulae. The various methods to predict overtopping are related as shown in Figure 5.9.

The user of the overtopping formulae presented in this section is advised to check the
validity of the formulae in the range of the desired application. If more than one formula is
considered to be valid, a sensitivity analysis should be performed on the choice of the
formula. The choice should be based on whether for a particular application a conservative
estimate or a best-guess (an average) is required.
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Table 5.4

Critical overtopping discharges and volumes (Allsop et al, 2005)

q
mean overtopping discharge
(m2 /s per m length)

Fe!ginans

Vmax
peak overtopping volume
(m3/per m length)

Unsafe for unaware pedestrians, no clear view
of the sea, relatively easily upset or frightened,
narrow walkway or proximity to edge

q > g>310°%

Vmax > 2-103-5-103

Unsafe for aware pedestrians, clear view of the
sea, not easily upset or frightened, able to
tolerate getting wet, wider walkway

q > 1104

Vmax > 0.02-0.05

Unsafe for trained staff, well shod and
protected, expected to get wet, overtopping
flows at lower levels only, no falling jet, low
danger of fall from walkway

q > 1.103-0.01

Ue"lcles

Vinax > 0.5

Unsafe for driving at moderate or high speed,
impulsive overtopping giving falling or high
velocity jets

qg > 1.105-5.10°

vmax > 5103

Unsafe for driving at low speed, overtopping by
pulsating flows at low levels only, no falling jets

g > 0.01-0.05

Uannas

Vmax > 1.103

Sinking of small boats set 5-10 m from wall,
damage to larger yachts

g > 0.01

Vpax > 1-10

Significant damage or sinking of larger yachts

g > 0.05

!url!mg

Vmax > 5-50

No damage

q < 1.10°6

Minor damage to fittings etc

1106 < g < 3105

Structural damage

q > 310°

!m Ean!men! seawa"s

No damage

q < 2103

Damage if crest not protected

Damage if back slope not protected

Damage even if fully protected

!eve!mem seawal S

No damage

Damage if promenade not paved

005 < g < 0.2

Damage even if promenade paved

qg < 0.2
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Basic approach for overtopping - Equation 5.27

\
Smooth slopes:

e Owen (1980) - including bermed slopes
e TAW (2002a) - including formula for shallow

foreshores
Y Y
Rough slopes - correction Rough slopes with crest walls
factors - explicit formulae
e Owen’s method: Besley e Bradbury et al (1988)

(1999) e Aminti and Franco (1989)
e TAW (2002a)

Y Y

Special conditions - correction factors Special conditions - explicit formulae
e oblique waves: Besley (1999), TAW e reshaping berm breakwaters; Lissev
(2002a) (1993)

e bermed slopes: (eg for TAW method)
e swell waves, Owen’s method: Hawkes et
al (1998)

Figure 5.9 Calculation methods for wave overtopping

NOTE: Apart from the analytical methods presented in Figure 5.9 and further discussed
hereafter, use can also be made of neural networks, a result of the EU research project
CLASH; this is highlighted in Box 5.2.

Box 5.2 Special approach: using neural network modelling results

Apart from the general prediction methods for structures of rather standard shape, use may be made of
the generic neural network (NN) modelling design tool developed within the framework of the European
research project CLASH. This particularly applies to non-standard coastal structures; see Pozueta et al
(2004). The rather large number of parameters that affect wave overtopping at coastal structures makes
it difficult to describe the effects of all those that are relevant. For such processes in which the
interrelationship of parameters is unclear while sufficient experimental data are available, neural network
modelling may be a suitable alternative. Neural networks are data analyses or data-driven modelling
techniques commonly used in artificial intelligence. Neural networks are often used as generalised
regression techniques for the modelling of cause-effect relationships. This technique has been
successfully used in the past to solve difficult modelling problems in a variety of technical and scientific
fields.

A neural network has been established based on a database of some 10 000 wave overtopping test
results. The user can also make assessments of the overtopping of non-standard coastal structures - see
Van der Meer et al (2005).

Smooth slopes
To calculate overtopping on smooth impermeable slopes, two prediction methods are

discussed here: (1) the method proposed by Owen (1980) and (2) the method by Van der
Meer as described in TAW (2002a). The main difference between the methods is the range of
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validity in terms of wave steepness and breaker parameter, which is specified hereafter. These 1
methods have been derived for conditions with specific overtopping discharges, ¢, in the

order of magnitude of 0.1 I/s per m length up to about 10 /s per m length. For situations

with smaller discharges Hedges and Reis (1998) developed a model based on overtopping

theory for regular waves.

e Owen’s method (1980) 2

To calculate the time-averaged overtopping discharge for smooth slopes, the dimensionless
freeboard, R* (-), and the dimensionless specific discharge, Q* (-), were defined by Owen
(1980) with the Equations 5.28 and 5.29, using the mean wave period, 7,, (s), and the

significant wave height at the toe of the structure, H, (m):

R*:Rc/(Tm\/gHs):Rc/Hx\/Som/zn (5.28) 3
0*=q/(Tn gHy) (5.29)

where R, is the elevation of the crest above SWL (m); s,,, is the fictitious wave steepness based

on T, (see Equation 5.1), ¢ is the average specific overtopping discharge (m?/s per m). 4

Equation 5.30 gives the relationship between the non-dimensional parameters defined in
Equations 5.28 and 5.29:

O*=aexp(-bR*/yr) (5.30)

where a and b are empirically derived coefficients that depend on the profile and 7 is the
correction factor for the influence of the slope roughness, similar to that used to calculate

wave run-up (see Section 5.1.1.2).

The influence of a berm is not effected through a correction factor (as with run-up), but by

means of adapted coefficients @ and b (see Table 5.6); and the influence of oblique wave attack

is also not effected using a correction factor as with run-up, but by means of an overtopping 6
ratio, qg/q (see Equations 5.37 and 5.38). Introduction of the correction factor, 3 < 1, practically

implies a decrease of the required freeboard, R, (m). For smooth slopes under perpendicular

wave attack and a normal deep foreshore, the correction factor, y; is equal to 1.0.

NOTE: Equation 5.28 is valid for 0.05 < R* < 0.30 and a limited range of wave steepness

conditions: 0.035 <5, < 0.055, where s, = 2nH/(gT,?); see Hawkes et al (1998). Recent test 7
results, reported in Le Fur et al (2005), indicate that the range of validity for Owen’s method

can be extended to cover the range 0.05 < R* < 0.60.

Owen (1980) applied Equation 5.30 to straight and bermed smooth slopes.

For straight smooth slopes the values for ¢ and b to be used in Equation 5.30 are given in 8
Table 5.5. These values have been revised slightly from Owen’s original recommendations,

after additional test results reported in the UK Environment Agency manual on Ouvertopping

of seawalls (Besley, 1999).

To extend the range of coefficients for Owen’s method Le Fur et al (2005) derived coefficients

for slopes of 1:6, 1:8, 1:10 and 1:15 (see Table 5.5). As these new coefficients have higher 9
uncertainty, their use is not recommended for detailed design, but may be appropriate for

initial estimates.

It was found that the prediction method for slopes of 1:10 and 1:15 was improved when the

incident wave height was corrected to a shoaled pre-breaking wave height. Simple linear shoaling

was applied to the incident wave height up to, but not beyond, the point of breaking (see 10
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Section 4.2.4.7). This adjusted wave height was then used in calculations of Q* and R* using
Owen’s method and coefficients in Table 5.5.

To determine this adjustment, it is assumed that waves need to travel up to 80 per cent of the
local wavelength, L, before they complete the breaking process. If the horizontal distance
from the toe of the structure to the SWL on the structure slope is greater than 0.8, then the
incident wave height should be adjusted by an appropriate shoaling coefficient up to that
position before R* is calculated.

Table 5.5 Values of the coefficients a and b in
Equation 5.30 for straight smooth slopes

Slope a b
1:1 7.94-103 20.1
1:1.5 8.84-103 19.9
1:2 9.39-103 21.6
1:2.5 1.03-102 24.5
1:3 1.09:102 28.7
1:3.5 1.12-102 34.1
1:4 1.16-102 41.0
1:4.5 1.20-102 477
1:5 1.31-102 55.6
1:6 * 1.0-102 65
1:8 * 1.0-102 86
1:10 * 1.0-102 108
1:15 * 1.0-102 162

Note

The values indicated with * have a higher uncertainty than
the others; see Le Fur et al (2005).

In Figure 5.10 dimensionless overtopping discharge, Q* (-), predicted with Owen’s method is
shown for different slope angles. For low crest heights and large discharges the curves
converge, indicating that in that case the slope angle is no longer important. Moreover, the
discharges for slopes 1:1 and 1:2 are almost equal.

Mire-=nelrabiee v beord B
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Figure 5.10 Overtopping discharges for straight smooth slopes, using Q* and R*
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5.1 Hydraulic performance

Owen (1980) also fitted Equation 5.30, again using the mean wave period, 7,,, to smooth 1
bermed profiles shown in Figure 5.11. Corresponding values for a and b found for a series

of combinations of slopes, berm elevations, /g, and berm widths, By, are given in Table 5.6, as

reported in Besley (1999).

NOTE: The use of these values for structure geometries other than those defined in Figure
5.11 is strongly discouraged, while even for the given berm configurations they should be 2

used as a preliminary estimate only.

NOTE: The TAW method, discussed later in this section may also be used for calculating

overtopping of bermed slopes.

Wi bl i D )

Lic T ]

Cemakar] o o ——

Figure 5.11 Generalised smooth bermed profiles

Table 5.6 Values of coefficients a and b in Equation 5.30 for smooth bermed slopes (see also
Figure 5.11)
Slope hg (m) | Bg(m) a b Slope hg (m) | Bg(m) a b
1:1 -4.0 10 6.40-102 | 19.50 1:1 -1.0 5 1.55:102 | 32.68 6
1:2 9.11.103 | 21.50 1:2 1.90-102 | 37.27
1:4 1.45.102 | 41.10 1:4 5.00-102 | 70.32
1:1 -2.0 5 3.40-103 | 16.52 1:1 -1.0 10 9.25-103 | 38.90
1:2 9.80-103 | 23.98 1:2 3.39-102 | 53.30
1:4 159102 | 46.63 1:4 3.03-102 | 79.60 7
1:1 -2.0 10 1.63-103 | 14.85 1:1 -1.0 20 7.50-103 | 45.61
1:2 2.14-103 | 18.03 1:2 3.40-103 | 49.97
1:4 3.93103 | 41.92 1:4 3.90-103 | 61.57
1:1 -2.0 20 8.80-104 | 14.76 1:1 -1.0 40 1.20-103 | 49.30 8
1:2 2.00-103 | 24.81 1:2 2.35103 | 56.18
1:4 8.50-103 | 50.40 1:4 1.45104 | 63.43
1:1 -2.0 40 3.80-104 | 22.65 1:1 -1.0 80 4.10-105 | 51.41
1:2 5.00-104 | 25.93 1:2 6.60-105 | 66.54
1:4 4.70-103 | 51.23 1:4 5.40-105 | 71.59 9
1:1 -2.0 80 2.40-104 | 25.90 1:1 0.0 10 8.25:103 | 40.94
1:2 3.80-104 | 25.76 1:2 1.78102 | 52.80
1:4 8.80-104 | 58.24 1:4 1.13-102 | 68.66

10
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Swell wave conditions

Owen’s method was developed using waves of typical storm steepness, ie 0.035 < s,,, < 0.055.
Hawkes et al (1998) found that Owen’s method could not be applied to swell waves as it
tended to significantly overestimate the discharges in wave conditions of low wave steepness.
A correction has therefore been suggested (see Equation 5.31) with the introduction of an

adjustment factor, F (-), based on the breaker parameter, &, = tana/\s,,, (see Table 5.7).

Gswell =Y9owen* F (5.31)

Owen’s method (Equations 5.28-5.30) was found to be strictly applicable to plunging waves
only, defined by Hawkes et al (1998) as conditions with &,, < 2.5. For other conditions the
overtopping rate can be predicted by correcting it with the adjustment factor, F (-), for which
indicative values are given in Table 5.7.

Table 5.7 Adjustment factor for wave conditions of
low steepness
Range of breaker parameter Adjustment factor, F
00<¢&,<25 1.0
25<&,<3.0 0.3
3.0<&,<4.3 0.2
En>4.3 0.1

e TAW method (2002a)

In TAW (2002a) overtopping is described by two formulae developed by Van der Meer: one
is for breaking waves (y,°€,,.1 o < = 2) where wave overtopping increases for increasing
breaker parameter and one is for non-breaking waves (y,°§,,.1 o > = 2) where maximum
overtopping is achieved. The complete relationships between the dimensionless mean specific
overtopping discharge, ¢ (m/s per m), and the governing hydraulic and structural parameters
are given in Equations 5.32 and 5.33. These formulae are applicable to a wide range of wave

conditions.

For breaking waves (3,°&,,10 < = 2):

A R 1
q/ \/gHm(f =Wn Em-1,0 eXp[—B . ] (5.32)

Humo Em—1,0 Yo Y1 VB

with a maximum (for non-breaking waves generally reached when y,°&,, | o > = 2):

af et o} = CeXp[—DiLJ (5.33)

Hmo vrvp

where y,, yrand y; are reduction factors to account for the effects of berm, slope roughness
and angular wave attack respectively, and §,, | ¢ is the local surf-similarity parameter, based on
the spectral wave height, H,,y, and the mean energy wave period, T, | o, both derived from
the wave spectrum at the toe of the structure.

Similar to the TAW method for wave run-up (see Section 5.1.1.2), values for the coefficients
A, B, C and D in Equations 5.32 and 5.33 have been derived representing the average trend
through the used dataset for use in probabilistic calculations. Different values (for the
parameters B and D), including a safety margin of 1o, are suggested for deterministic use.
These values are presented in Table 5.8. For more details on this method see TAW (2002a).
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Table 5.8

Values for the coefficients A, B, C and D in Equations 5.32 and 5.33

Coefficients in
Egs 5.32 and 5.33

Values with safety margin (u-o) -
deterministic calculations

Values without safety margin/
average trend - probabilistic calculations

A 0.067 0.067
B 4.30 4.75
C 0.20 0.20
D 2.30 2.60

NOTE: This TAW method uses the spectral significant wave height, H,, , and the mean
energy wave period, 7,1 o , (both derived from the wave spectrum at the toe of the
structure), based on research work by van Gent (2001); this wave period is used for
calculating the surf similarity parameter, &,, | o . Spectral analysis of waves is discussed in

Section 4.2.4 and a simple rule for estimating, 7}, | , , is given in Section 5.1.1.1.

As for Owen’s equation, correction factors are used in the TAW method (Equations 5.32 and
5.33) to take into account complicating conditions. These factors, denoted by the symbol y,
are specified later within this section where the relevant conditions are discussed.

An example of computing the time-averaged wave overtopping discharge using the TAW
method is provided in Box 5.3.

A comparison between the Owen method and the TAW method is provided by means of an
example calculation in Box 5.4.

Box 5.3 Wave overtopping calculation using TAW method

Figure 5.12 shows an example of computing wave overtopping with the TAW method. Three lines are given
for three different relative crest heights R,/H,,,. In the example a 1:3 smooth and straight slope is
assumed with perpendicular wave attack.

1.00E-01
R/MH,, =1
1.00E-02 |-
R/H., = 2
°7§ 1.00E-03 |-
ie R/, = 3
> 1.00E-04 —
1.00E-05 |-
1.00E-06 1 1 L 1 1 1 1 Il
0 0.5 1 1.5 2 25 3 3.5 4
spectral breaker parameter ¢, .,
Figure 5.12 Wave overtopping as function of breaker parameter (1:3 slope)
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Box 5.4 Comparison between Owen’s method and TAW method for overtopping

For an example bermed slope with both upper and lower smooth slopes of 1:4, the two methods to
calculate the time-averaged overtopping discharge, g (m3/s per m), are given here.

The basic hydraulic data are as follows: perpendicular wave attack, with relatively deep foreshore: H, 3 =
2.0m; Hy,0=2.1m;T,=6s;T,,,=6.5s (typically wind waves). The structural data are: R, = 4 m; berm
width, Bg = 10 m; berm depth, hz= 1.0 m (ie berm below SWL); tana = 1/4 (upper and lower slope); water
depth in front of structure, hy = 4 m.

Owen’s method TAW method

Wave steepness, s,,, = 27H,/(gT,,?) = 0.036 and | Representative slope: tano = 0.25 (R, = 1.5H,,0)
&, = tana/\'s,,, = 1.32 (within range of validity) (see Equation 5.15)

a=0.3; b=79.6 (see Table 5.6) Breaker parameter, &, 1 o = 1.40

. Berm correction factor, y, = 1 - k, (1 - k;,) = 0.65
R* = 0.15 (see Equation 5.28) (se0 Equations 5.16-5 178") b (1-F)

Q* = a exp (-b R*) = 2.10- (see Equation 5.30) Factor A = 0.067; factor B = 4.3 (see Table 5.8)

q =118 Q* = 0.2 I/s per m (see Equation 5.29) q = 0.15 I/s per m (see Equation 5.32)

The difference between the outcome of the calculations of the specific overtopping discharge using the
two methods is very small. This is mainly because this example falls well in the range of validity of Owen’s
method. Especially for greater values of & the differences are likely to be larger. The two methods do have
overlapping areas of application, but also have their own specific range of validity, which should be
investigated when using these methods.

NOTE: For other configurations of the (front) slope, in particular those comprising standard gradings of
armourstone or another type of armouring (with or without a concrete crown wall), the calculation
methodology using either Owen’s method or the TAW method is similar to the ones illustrated above for
smooth slopes. The effects of slope roughness and permeability of the structure are covered by correction
factors y; (see Equations 5.30 for Owen and 5.32 for TAW). The same applies to the effect of oblique wave
attack: either a correction factor (y; for TAW method) is applied for this, or an overtopping ratio (for Owen’s
method). The effect of a crown wall is covered by applying specific coefficients (for Owen’s method, see
Table 5.11).

The importance of wave overtopping, and the constraints that are imposed on the design or

structures, are highlighted in the special note below.

NOTE: Considerations related to overtopping calculations

In many instances the specific overtopping discharge, q, is not an output of design calculations using
either Owen’s or the TAW method, but rather an input parameter, particularly in the case of accessible
breakwaters and seawalls, where the safety of the public and the security of the infrastructure are major
design factors. A restricted specific overtopping discharge q (I/s per m) and overtopping volume V,,.. (I/
per m) are in that case boundary conditions for the design of the structure (see Table 5.4). The other
structural parameters - crest height, berm configuration, permeability, slope angle and roughness - are
the variable parameters when designing a cross-section.

The crest height may at the same time also be subject to constraints, eg because of amenity
considerations in the case of seawalls or revetments. This would then leave very little design freedom: only
slope angle and roughness and the berm configuration (if any can be accommodated) can be varied to
arrive at the design of the cross-section of the structure that complies with the restrictive conditions with
respect to overtopping and structure height.

If the cross-section design concerns a rock-armoured structure, the roughness of the front (sea-side) slope
can hardly be influenced (see Tables 5.9 and 5.10), which further limits the design freedom.

Cost may be a constraint with respect to the choice of the side slope to be adopted: steeper slopes give
more overtopping, but demand less material (heavier armourstone is, however, required to ensure
stability; see Section 5.2.2).

In conclusion, the number of variables when designing the cross-section of a rock structure is fairly large,
but in many cases the range of applicable values for many of these structural parameters is restricted.
The designer (in close communication with the client) should be aware of these constraints.
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Shallow foreshores 1

TAW (2002a) provides a separate formula to predict overtopping with shallow or very
shallow foreshores, as these conditions can lead to large values of the breaker parameter for
which wave overtopping will be greater than calculated with Equations 5.32 and 5.33. The
wave overtopping formula for shallow and very shallow foreshores with &, ;o > 7 is given in

Equation 5.34. 2

-R
H 3 =021ex . o4
q/\/g m P(y 1p Hm0(0.33+0.022§m—1,0)] o

NOTE: In Equation 5.34 use is made of the spectral significant wave height, H,,, (m), and

the mean energy wave period, T}, | o (s), both from the wave spectrum at the toe of the

structure, for calculating the breaker parameter, &, | . 3

Equations 5.32 and 5.33 are valid for conditions up to &, o = 5. For conditions with 5 < &, ;5 <7,
interpolation between results derived with Equations 5.32 or 5.33 and those derived from the use
of Equation 5.34 is suggested.

NOTE: It is possible that a large value of the breaker parameter is found if a very steep slope 4
(1:2 or steeper) is present, with a relatively deep foreshore. In that case — to be checked with
the depth-wave height ratio: h > 3H_,,, — Equations 5.32 and 5.33 should be used.

Rough slopes

®  Rough slopes with non-permeable core — correction factors

For rough non-permeable slopes, the method by Owen (1980) and the method in TAW
(2002a) for smooth slopes can both be used to calculate overtopping by including a

correction factor for the slope roughness. Slightly different values have been reported for the
roughness reduction factor, " in Besley (1999) and TAW (2002a) for the methods by Owen
and TAW respectively. In Table 5.9 both sets of roughness coefficients are presented. The
TAW values are also applicable for wave run-up and are a repetition of the values listed in 6
Table 5.2. The values for the roughness factor were originally derived for simple slopes but

can also be applied conservatively for Owen’s method with bermed slopes.

Table 5.9 Values for roughness reduction factor, y; Besley (1999) and TAW (2002a)
Structure type ¥ for Owen method Structure type ¥; for TAW method 7
Smooth concrete or asphalt 1.0 Concrete, asphalt and grass 1.0
Pitched stone 0.95 Pitched stone 0.80-0.95
Armourstone - single layer on Armourstone - single layer on
. 0.80 ; 0.70
impermeable base impermeable base
Armourstone - single layer on 0.55-0.60 Armourstone - two layers on 0.55 8
permeable base impermeable base
Armourstone - two layers 0.50-0.55
Note
For the TAW method, the roughness factor y; is only applicable for y,-&,,_; o < =2.0. For larger values this
factor increases linearly up to 1 for y,:§,,1 o = 10 and it remains 1 for larger values. 9

® Rough slopes with a permeable core

As part of the EU’s CLASH research programme, tests were undertaken to derive roughness

coefficients for armourstone and a range of different armour units on sloping permeable

structures (Pearson ¢t al, 2004). For these different types of armour layers, overtopping was

measured for a 1:1.5 sloping permeable structure at a reference point 3D, from the crest 10
edge. It was found that the overtopping characteristics follow the general trend of the TAW
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method. The results presented in Table 5.10 (applicable to the TAW method) can therefore
be used to predict overtopping for corresponding permeable structures with a 1:1.5 slope
and also apply to wave run-up calculations. These values should only be used for first
estimates and physical modelling is recommended for structures using these types of armour

units where overtopping performance is critical.

Table 5.10 Values for roughness reduction factor, y; for permeable
structures (Pearson et al, 2004)

Armour type or structure No of layers ¥¢ for TAW method
Rock 2 0.40
Cube 2 0.47
Cube 1 0.50
Antifer cube 2 0.47
Haro 2 0.47
Tetrapod 2 0.38
Dolosse 2 0.43
Accropode 1 0.46
Core-loc 1 0.44
Xbloc 1 0.45
Berm breakwater 2 0.40
Icelandic berm breakwater 2 0.35
Seabee 1 0.5
Shed 1 0.5
Note

For the TAW method, the roughness factor y is only applicable for
V&m0 < =2.0. For larger values this factor increases linearly up to 1
for y,&,,.1 0 = 10 and it remains 1 for larger values.

Tests to investigate the overtopping performance of permeable rubble mound structures were
also performed by Stewart et al (2003a). For Owen’s method, values 3 = 0.54 and 0.48 were
found for single and double layer armourstone respectively, placed on structures with
relatively open cores. These values are just below the lower limits given in Table 5.9,
indicating that the values in Table 5.9 can be applied conservatively to overtopping predictions
on permeable structures. Results were also compared with the TAW prediction method, for
which Table 5.10 also presents values for a double layer armourstone slope. In this analysis,
values 7, = 0.50 and y; = 0.43 were found for single and double layers placed on structures
with relatively open cores with y,°&,, 1 o < = 2.0. These results were obtained from model tests
with slopes 1:1.5, 1:2 and 1:3 and compare reasonably well with the data given in Table 5.10.

e Rough slopes with crest walls — explicit formulae

It is often not possible to form an armoured slope without some form of crest or crown wall
to retain the armour, which may in turn modify the overtopping performance. Pozueta et al
(2005) describe a neural network tool that can be applied to predict wave overtopping
discharges for structures including those with complex configurations (see also Box 5.2).
More details of complex methods will be given in future versions of the TAW and UK
Environment Agency overtopping manuals.

In this section some simple explicit formulae are presented for cross-sections with specific
crest details. Information on correction factors for crest details can be found in Besley (1999)
and in TAW (2002a).
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For low crown walls, results from tests by Bradbury e al (1988) may be used to give estimates 1
of the influence of wave conditions and relative freeboard R,/H, (-). The test results have

been used to give values of coefficients in an empirical relationship. To give a best fit,

Bradbury et al (1988) have revised Owen’s parameter R* to give F* (-) instead, through the

following Equation 5.35.

F*=R*(Re/Hy) = (Re/Hs ) Jsom/ 2T (5.35) 2
Predictions of overtopping discharge can then be made using Equation 5.36.
Q*=a(F *)_b (5.36)

In Table 5.11 values of the factors @ and b (-) are presented for the cross-sections shown in 3
Figure 5.13. Great care should be taken in using values for @ and b for structures that differ
from those shown in Figure 5.13.

Table 5.11 Coefficients a and b in Equation 5.36 for cross-sections in Figure 5.13

Section Slope a b 4
A 1:2 3.7-10-10 2.92
B 1:2 1.3-109 3.82

ST L
:-':i!—.:i:y

B e sl LY _-i_-:
T _l:-'-.l 7
I el 'l 4 -r--.' -
o o

Figure 5.13 Overtopped rock structures with low crown walls (courtesy Bradbury et al, 1988)

Comprehensive data on overtopping on composite structures have been presented by Goda
(2nd edition, 2000), who has shown that, in addition to the wave conditions, both the width,
B,, of the rock-armoured crest and in particular the freeboard, R, of the crown wall (Figure
5.14) are major parameters to determine the overtopping discharge.

Tests conducted by Bradbury et al (1988) and by Aminti and Franco (1989) have been used to 9
determine values for coefficients a and b, to be used in Equation 5.36, for the cross-sections

illustrated in Figure 5.14. Although the two studies used slightly different structure

geometries their results have been combined to give the coefficients in Table 5.12. With

regard to the associated values for the discharge, it should be considered that field data

indicate considerable variations in terms of non-dimensional discharge, Q* (Goda, 2nd

edition, 2000). Expressed as a factor, this range of variation can be approximately described 10
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as 0.1 to 5 but is larger (0.05 to 10) for small discharges, say, Q* < 1.0-10-4. This may be
regarded as a confirmation of the poor reliability of fitted coefficients in this type of
relationship.

Table 5.12 Coefficients a and b in Equation 5.36 for cross-sections in Figure 5.14

Section Slope B,/Hs a b
1.10 1.7-108 2.41
Ai 1:2.0 1.85 1.8107 2.30
2.60 2.3.108 2.68
1.10 5.0.108 3.10
Aii 1:1.33 1.85 6.8-108 2.65
2.60 3.1.108 2.69
B 1:2 0.79-1.70 1.6-10° 3.18
C 1:2 0.79-1.70 5.3-10° 3.51
D 1:2 1.6-3.30 1.0-10° 2.82
Note

Caution is required when using these values. Comparison with field data shows a high
degree of variability.
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Figure 5.14 Cross-sections tested by Aminti and Franco (1989) and by Bradbury et al (1988)

Special conditions

The effects of oblique waves (by means of reduction factor ys), bermed slopes (by means of
coefficients or correction factor y,) and reshaping berm breakwaters (by means of an explicit

formula) on wave overtopping are shortly discussed below.

® Oblique waves

The influence of oblique wave attack on overtopping discharges differs slightly from its
influence on wave run-up. Also different methods for calculating the influence of non-
perpendicular wave attack are applicable: by means of an overtopping ratio ¢g/q, as reported
in Besley (1999) and by means of a reduction factor, y3, as reported in TAW (2002a) for the
methods by Owen and TAW respectively.
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Qwen’s method 1

The following formulae (Besley, 1999), give a description of the reduction applicable to
overtopping by Owen: Equation 5.37 is valid for straight slopes, Equation 5.38 has been
developed for bermed profiles.

9B _1_0.000152p2 for straight slopes, 0° < || < 60° (5.37) 2
q
5160 |
B _199-1.93 1.0—[%] for bermed slopes, 0° < |B| < 60° (5.38)
q .

For angles greater than 60° it is suggested to use the results of Equations 5.37 and 5.38 for 8

= 60°. Having first assessed the mean specific overtopping discharge, ¢ (m?/s per m) for 3

normal wave attack, the overtopping discharge for oblique wave attack, gg (m?%s per m), is then

calculated using Equation 5.37 or 5.38.

TAW method

A description (see Equation 5.39) of a reduction factor for oblique waves is given by TAW

(2002a), applicable to the TAW overtopping formulae, Equations 5.32-5.34: 4
yp =1-0.0033| | 0°< |B] < 80° (5.39)

For angles of approach greater than 80° the result of = 80° can be applied.

NOTE: Oblique wave attack has a slightly greater influence on wave overtopping discharges
than on run-up levels, see Equation 5.13.

e Bermed slopes

For the method by Owen (1980) special values of the coefficients @ and b in Equation 5.30

have been derived for bermed smooth slopes. These values are given in Table 5.6. 6

To include bermed slopes in the overtopping method given by TAW (2002a), the same
procedure for berms as described for wave run-up (see Section 5.1.1.2) can be used.

® Reshaping berm breakwaters

There are very few measurements of wave overtopping on berm breakwaters. Lissev (1993) 7
measured time-averaged overtopping on a reshaped berm breakwater and derived Equation
5.40.
WAPTE :1.5exp(_z.1§] (540)
N
NOTE: As an alternative approach for predicting overtopping performance of reshaping 8

berm breakwaters, the roughness reduction factor, 7, from Table 5.10 can be applied in
combination with the TAW method for overtopping.

Overtopping volumes per wave

Overtopping volumes per wave differ substantially from the average wave overtopping 9
discharge. The distribution of the volumes of individual overtopping events can be described
by the Weibull probability distribution function, as given in Equation 5.41:

v b
P(V)=P( <V) =1—exp[—(—J ] (5.41)
a

where P(V) = P(J < V) is the probability that a certain volume, I/, will not exceed a given 10
volume, V' (m® per m); a is scale parameter (m® per m) and b is shape parameter (-).
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The maximum expected individual overtopping volume,

max

(m® per m), in a sequence of N
incoming waves is given by Equation 5.42. Note that the duration of the storm or examined
time period, T, = NT,, , where T,, = mean wave period (s):

Vinax = a(lnNm,)l/b

(5.42)
where N, is the number of overtopping waves (-), out of a total of N incoming waves in an
examined time period, NT,, (s).

In Besley (1999), values for sloping seawalls are suggested for the coefficients ¢ and b in
Equations 5.41 and 5.42, using the average overtopping discharge calculated with Owen’s
method. Equations 5.43 and 5.44 give the relationship between the coefficient, a, and the
relevant parameters: wave period, specific discharge and the proportion of waves
overtopping a seawall. The values of both ¢ and b are dependent on the real deep water
wave steepness, s,,. For values of the wave steepness between 0.02 and 0.04 it is suggested to

interpolate between these results.
a=0.85T,gN/Noy and b =0.76 for Sop = 0.02 (5.43)

a=0.96T,qN/Noy and b = 0.92 for = 0.04 (5.44)

Sop
where s, is in this specific case defined as the real deep water wave steepness (-), based on
the deep-water significant wave height, H,, (m), and the peak wave period, T}, (s): s, =
H,/L,, = 2rnH,/@T,?); L,, is the deep water peak wavelength (m).

In Besley (1999) the proportion of waves overtopping a seawall — or the probability of
overtopping per wave — is given by Equation 5.45, valid in the range 0.05 < R* < 0.3:

N 2
N,,/N =exp —C(R /yf) (5.45)
where:
R* = dimensionless freeboard; see Equation 5.28
% = roughness coefficient (-); see Table 5.9
C = parameter depending on the slope; C = 38 for 1:2 and C = 110 for 1:4; see

further Besley (1999).

In TAW (2002a), the value b = 0.75 is suggested for the shape parameter together with
Equation 5.46 as the expression for the scale parameter, ¢ (m?), using the average
overtopping discharge as calculated with the TAW method:

a=0.84T, gN/Nyy (5.46)

where N, /N is the proportion of the overtopping waves, given by Equation 5.47:

2
Nov/N =exp[—(\/—ln0.02 Re ” (5.47)

Ru2%

Equation 5.47 is valid for situations in which the wave run-up distribution conforms to the
Rayleigh distribution. For this method, the 2 per cent wave run-up, R, 94, can be calculated
using Equations 5.8 and 5.9.
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Velocities and thickness of water layers

Information on velocities and thickness of water layers during wave run-up and overtopping
events and an alternative approach for calculating overtopping volumes per wave is included
in Box 5.5.

Box 5.5 Velocities, thickness of water layers and volumes within an overtopping wave

Van Gent (2003) and Schiittrumpf and Van Gent (2004) give Equations 5.48 and 5.49 for wave run-up,
taking into account a smooth transition from plunging to surging breakers:

Ruzw ! (v Hs)= coEs-1,0 for&ga0<p (5.48)

Ru2v ! (y Hy)=c1—c2/E5-1,0 forées02p (5.49)

where H, is the significant wave height (ie H,,3 from time domain analysis) at the toe of the structure; ¢,
and c, are coefficients (-), depending on run-up level (see Table 5.13), £ 4 o = tana/\/(2n Hy/(8Tn1,0%)) P =
transition value explained below; and y (= y; y3) is the reduction factor (-) that takes the effects of angular
wave attack, y;, and roughness, y;, into account.

Mathematical analysis (ie continuity of R, and its derivative with respect to &g, o) gives the relative
values of the other coefficients: ¢, = 0.25¢,2/c, and p = 0.5 c,/c,. Table 5.13 provides the values of the
coefficients ¢, and c, for various exceedance levels.

Table 5.13 Coefficients for wave run-up predictions, using
Hg and T, 4 o (Equations 5.48 and 5.49)

Run-up level Co C1
Ry19% 1.45 5.1
Ru2y 1.35 4.7
Ru10% 1.10 4.0

Equation 5.50 as derived by Schiittrumpf and Van Gent (2004) gives the relationship between the wave
run-up velocity, u (m/s), and the wave run-up, R 54 (m) the significant wave height, Hy (m), and the
roughness of the slope, ¥ (-). Equation 5.51 gives the relationship between the thickness of the water
layer, h (m), and the same wave parameters and roughness:
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where z is the position (vertical height) on the seaward slope relative to SWL (m). The coefficients used in
these Equations 5.50 and 5.51 were determined in different model tests; ¢, / = 1.37 and ¢, ;' = 0.33 were
found from data by Schiittrumpf and ¢,/ = 1.30 and ¢, = 0.15 were found by Van Gent (2003). The
differences between the results can be explained by different model set-ups and test programmes.

Schiittrumpf et al (2003), Van Gent (2003) and Schiittrumpf and Van Gent (2004) use Equations 5.52 and
5.53 to predict the velocities, u,, and thickness of water layers, h,,, at the crest:
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where ¢,/ = 1.37 and c;,,/” = 0.5 are proposed based on the data by Schittrumpf et al (2003) and ¢, =
1.30and c¢,,” = 0.5 are proposed based on the data by Van Gent (2003). In Equation 5.53 ¢, = 0.33 and
¢’ = 0.89 are proposed based on the data by Schittrumpf et al (2003) and ¢, = 0.15 and ¢, " = 0.4
are proposed based on the data by Van Gent (2003).
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Box 5.5 Velocities, thickness of water layers and volumes within an overtopping wave (contd)

The same coefficients can be used to predict exceedance percentages of 1 per cent or 10 per cent by
using the corresponding wave run-up levels in these formulae. The coefficients proposed by Van Gent
(2003) provide in most situations more conservative estimates for the velocities at the rear-side of the
crest than those proposed by Schiittrumpf et al (2003). The coefficients proposed by Schiittrumpf et al
(2003) for the thickness of water layers give in most situations the most conservative estimates.

In Equations 5.52 and 5.53, the position on the dike crest is represented by the position parameter, x (m),
with x = 0 at seaward side of the crest; the crest width is denoted by B (m) and f, is a friction factor for the
crest (-), varying between f, = 0.02 for smooth surfaces (Van Gent, 1995) and f, = 0.6 for rough surfaces
(Cornett and Mansard, 1995).

Van Gent (2003) and Schiittrumpf and Van Gent (2004) proposed Equations 5.54 and 5.55 for the
velocities, u (m/s), and thickness of water layers, h (m), at the rear-side:

h:houo/[%tuexp(—hﬁzs)} (5.54)
u= g+/4 exp (—3(1525) (5.55)
B

where:

a = 3/g Sin Qrear (-), With e, being the rear-side slope angle (°)

B = JO51, [(hguy) )

fy = friction factor for the landward slope (-)
> Up-a/B ()

s = the co-ordinate along the landward slope with s = O at the landward side of the crest.

For smooth slopes the value f, = 0.02 can be used; for rough slopes the friction factor has a value between
0.1 and 0.6.

In Equations 5.54 and 5.55, h, and u, are obtained from the expressions for h,, and u,, at the landward
side of the crest, as given in Equations 5.52 and 5.53.

For predicting the volumes within an overtopping wave exceeded by 2 per cent of the incident waves, V,,,
(m3 per m), use can be made of Equation 5.56, as presented in Van Gent (2003):

2
Vav , Ruov —Re
P e ¥ f-c [—J (5.56)

N 7fH~Y

where ¢y is factor with value of 1.0 (-); and y, is the roughness reduction factor at the crest (-).

The formulae presented in this box have been derived mainly for impermeable structures with smooth and
rough slopes. Nevertheless, these equations can also be used as first estimates of the parameters for
rubble mound structures.

Ranges of validity of the formulae in this box are limited to:

Ru2% 2 Re; 0 < (Rua% - Re)/ (yr Hs) < 1.0 and 1<B/H; <7.5.

Overtopping in prototype versus results of design formulae

Box 5.6 gives information on how results of the overtopping formulae presented in this
section compare with prototype results, taking into account model, scale and wind effects.

For more information on physical scale-modelling, see Section 5.3.

Figure 5.15 gives two impressions of overtopping, showing that overtopping can be
hazardous for the public, especially at seawalls. When significant overtopping occurs to outer
breakwaters for example, the resulting wave transmission may present an operational hazard,

although not necessarily a direct hazard to the public.
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5.1 Hydraulic performance

Box 5.6 Overtopping in prototype versus results of design formulae 1

Conceptual design formulae for wave overtopping discharges are mainly based on small-scale model

tests. These tests are to some extent affected by model and/or scale effects. These formulae also do not

account for the effects of wind. The magnitude of model, scale and wind effects on wave overtopping

discharges are not known in detail. For large overtopping discharges (eg q >10 |/s/per m) it is expected

that the effects of model and scale effects are generally small or negligible. For relatively small

overtopping discharges (eg q < 0.1 I/s/per m) it is expected that model, scale and wind effects play a 2
more important role for rough sloping structures with armourstone as cover material, and will generally

lead to a larger overtopping discharge in reality than the discharges based on conceptual design formulae.

Although limited data are available, it is expected that the increase in overtopping discharge caused by

the combined model, scale and wind effects will for most situations not exceed a factor of 10.

Figure 5.15

Overtopping: (a) at seawall, representing a
direct hazard to the public (courtesy Hydraulic
Research Wallingford); and (b) of the outer
breakwater of IJmuiden port entrance, giving
mainly wave transmission inside the port
(courtesy Rijkswaterstaat)

5.1.1.4 Wave transmission 6

Structures such as breakwaters constructed with low crest levels will transmit wave energy
into the area behind the breakwater. The severity of wave transmission is described by the
coefficient of transmission, C,, defined in Equation 5.57, in terms of the incident and
transmitted wave heights, H; and H, respectively, or the total incident and transmitted wave

energies, E; and E, respectively: 7
Ci=H/H; = E/Ei (5.57)

where E is the total average wave energy per unit area (J/m?), equal to: 1/8 p,, gH? (for
regular waves); where p,, is the water density (kg/m?).

The transmission performance of low-crested continuous breakwaters is dependent on the
structure geometry, principally the crest freeboard, R, crest width, B, and water depth, h, but
also on permeability, P, and on the wave conditions, mainly the wave period, commonly
contained in the surf similarity parameter, &, see Figure 5.16.
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Figure 5.16 Cross-section illustrating parameters influencing wave transmission 10
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5 Physical processes and design tools

Simplified prediction method

For the first edition of this manual (CIRIA/CUR, 1991), various test results on wave
transmission were reanalysed. This resulted in a prediction method relating the relative crest
freeboard (R,/H,) to the coefficient of transmission, C, . The data and the fitted relationship
are plotted in Figure 5.17. This relationship can be summarised in Equations 5.58-5.60.

2.00<R./Hy<-113 : C;=0.80 (5.58)
113<RJHy<12 i €, =0.46-0.3R./H, (5.59)
12<Re/Hy <2.0 © C=0.10 (5.60)

This relationship gives a very simple description, but it can sometimes be sufficient for a
preliminary estimate of performance. The upper and lower bounds of the data considered are
given by the = 0.15 lines relative to the mean fit according to Equations 5.58-5.60. This
corresponds to the 90 per cent confidence band (the standard deviation of the data is o = 0.09).
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Notes

1 The points with R/H; > 1 and C, > 0.15 are caused by low wave heights, relative to the nominal
stone size (Hy/D, 5, = 1). The low waves can travel through the crest consisting of armourstone.
Transmission coefficients of 0.5 can be found in such cases. However, a structure under design
conditions (with regard to stability) with R /H; > 1 will always show transmission coefficients smaller
than 0.1.

2 Furthermore, it should be noted that physical limits of transmission due to overtopping are C;, = 1
and C; = 0, for freeboards R /H, << -2 and R/H,; >> 2 respectively. However, some transmission
may remain even for R /H; >2, because of transmission through structures with a sufficiently
permeable core.

3 Differing contributions by transmission through the core may be one of the reasons for the scatter
in Figure 5.17. Another reason is the influence of the wave period. Larger wave periods always give
higher wave transmission coefficients, an effect not included in Equations 5.58-5.60.

Figure 5.17 Wave transmission over and through low-crested structures
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5.1 Hydraulic performance

Small waves and relatively large freeboards 1

For small waves (low values of H/D, 5,) and relatively large positive freeboards (R/H, > 1),
Ahrens (1987) gave a relationship derived from laboratory tests of reef breakwaters under
these conditions (see Equation 5.61), which has much less scatter than the approximation

shown in Figure 5.17:
C = 1.0/ (1.0 + X0'592) for R/H, > 1 (5.61)

where X is a parameter containing the wave steepness and the bulk number of stones per

cross-section, defined by Equation 5.62:

x=tls A (5.62) 3
Ly (DnSO)

where 4, is the total cross-sectional area (m?); L, is the local wavelength related to the
peak wave period, T}, (s), and D, 5 is the median nominal diameter of the armourstone

grading (m) (see also Section 3.4.2).
Smooth low-crested structures 4

Based on a large database on wave transmission (collected within the EU-funded DELOS
project) a formula has been developed (Van der Meer et al, 2004) for smooth low-crested
structures; this also includes the influence of oblique wave attack. This formula, based on the
significant wave height at the toe of the structure and the peak wave period in deep water, is
given by Equation 5.63:

C = (—0.3%%.75(1 —exp(-0.5¢ p))Jcos2/3 B (5.63)

s

with minimum and maximum values of C, = 0.075 and C, = 0.8 respectively and the
following limitations: 1 < &, < 3; 0°<B<70% 1 < B/H, < 4, where B is crest width (m).

For oblique wave transmission on smooth low-crested structures, the research concluded that,

for angles up to 45°, the transmitted and incident waves have similar directions. For angles
larger than 45° the transmitted wave angle remains 45°, see Equations 5.64 and 5.65.

B,=B; for B; < 45° (5.64)

B,=45° for ;> 45° (5.65)
Rubble mound low-crested structures
Briganti et al (2004) used the DELOS database to calibrate a relationship developed by
d’Angremond et al (1997). This has resulted in two different formulae — Equations 5.66 and 8
5.67 — for relatively narrow and wide submerged rubble mound structures respectively:
For narrow structures, B/H; < 10:

~0.31
C = —O.4£+0.64[H£) (1—exp(-0.58))) (5.66)
s N

with minimum and maximum values of C, = 0.075 and 0.80 respectively.

For wide structures, B/H; > 10:

N N

R B —0.65
C = —0.35;“ + 0.51(7J (1-exp(=0.41&))) (5.67) 10
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with a minimum value of C;, = 0.05 and a maximum value depending on the crest width, B
(m), of the structure. Equation 5.68 gives this maximum.

Cymax =-0.006 B/Hs +0.93 (5.68)

The performance of these formulae has been evaluated against the database. Equation 5.66
shows a standard deviation of ¢ = 0.05; for Equations 5.67 and 5.68 o = 0.06.

With regard to oblique waves, it was found that Equations 5.66-5.68 developed for

perpendicular wave attack can also be used for oblique wave attack up to 70°.

The process of wave breaking over low-crested structures will tend to reduce the mean wave
period, each longer wave breaks to form typically two to five shorter waves. With a shorter
mean period behind the structure (and possible local refraction effects), the DELOS project
suggests (see Equation 5.69) that the mean obliquity behind the structure, g, (°), will be
around 0.8 of that in front of the structure, §; (°):

B,=0.8 B, (5.69)
Wave reflection

Waves will reflect from nearly all sloping structures. For structures with non-porous, steep
faces and non-breaking waves, almost 100 per cent of the wave energy incident upon the
structure can reflect. Rubble slopes are often used in harbour and coastal engineering to
absorb wave action. Such slopes will generally reflect significantly less wave energy than the
equivalent non-porous or smooth slopes.

Wave reflection is described using the reflection coefficient, C, (-), defined in Equation 5.70,

in terms of the incident and reflected wave heights, H; and H, , or wave energies, E; and E,:

Cr:Hr/Hi:\/Er/Ei (5-70)

When considering random waves, values of C, may be defined using the significant incident

and reflected wave heights as representative of the incident and reflected wave energy.

Although some of the flow processes are different, it has been found convenient to calculate
C, for rock-armoured slopes using the same type of empirical formulae as for the less
complicated case of a non-porous (impermeable) straight, smooth slope. For cases other than
this, different values of the empirical coefficients can be used to match the alternative

hydraulic characteristics of the structure.
Basic approaches

Battjes (1974) presented Equation 5.71 as an approach that relates C, to the surf similarity
parameter, &:

Cr=at® (5.71)

Seelig and Ahrens (1981) presented a different formula (Equation 5.72), also referring to the
surf similarity parameter, based originally on regular waves.

c,=c§2/(d+eg2) (5.72)
Coefficients a, b, ¢ and d for Equations 5.71 and 5.72 are given in the following sections on

smooth and rough slopes together with alternative concepts that are not directly related to
the breaker parameter; see for example Equation 5.73.
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5.1 Hydraulic performance

NOTE: The prediction methods for calculating wave reflection presented in this section are 1
based on non-overtopped structures. Guidelines for the prediction of reflection at low-
crested structures can be found in publications from the EU DELOS research project.

Smooth slopes

Battjes (1974) introduced Equation 5.71 for smooth impermeable slopes, giving the following 2
values for the coefficients: @ = 0.1 and b = 2.0.

For impermeable smooth slopes and regular waves, Seelig and Ahrens (1981) presented for
Equation 5.72 the values: ¢ = 1.0 and d = 5.5.

In Allsop (1990), results of random wave tests by Allsop and Channell (1989) were analysed 3
against Equation 5.72, using &, for the breaker parameter. For smooth slopes the following
values were found: ¢ = 0.96 and d = 4.80 (see also Table 5.14).

Rough permeable slopes
Postma (1989) analysed data of Van der Meer (1988b) for rough permeable slopes. Using the 4
concept of Equation 5.71 with §,, the best-fit values found for a and b through all data are:
a=0.14,b = 0.73 and ¢ = 0.055.

A re-analysis of the dataset by Allsop and Channell (1989) is also given by Postma (1989),
again using the basic Equation 5.71, with ¢ = 0.125 and b = 0.73. The data show a variation

of o = 0.060.

For rough slopes and regular waves, Seelig and Ahrens (1981) presented the following values

for Equation 5.72 based on regular waves: ¢ = 0.6 and d = 6.6.

Results of random wave tests for rough slopes by Allsop and Channell (1989) were analysed

in Allsop (1990) (using &, instead of &) to give values for the coefficients ¢ and d in Equation 6
5.72 (see Table 5.14). In these tests the rock-armoured layer (single and double layers) was

placed on an impermeable slope covered by an underlayer of stone that displays a notional

permeability of P = 0.1. The range of wave conditions for which these results may be used is

described by: 0.004 < s,,, < 0.052 and 0.6 < H/(AD,5,) < 1.9. Table 5.14 also presents values

for concrete armour units (using Sp)s as reported in Allsop and Hettiarachchi (1989).

Table 5.14 Values of the coefficients ¢ and d in Equation 5.72

: o | ke e

Smooth 0.96 4.80 Em

Armourstone, two layers 0.64 8.85 Em 8
Armourstone, one-layer 0.64 7.22 Em

Tetrapods or Stabits 0.48 9.62 &

Sheds or diodes 0.49 7.94 ép 9

Postma (1989) also presented an alternative equation, based on the concept that the surf
similarity parameter, &, did not describe the combined influence of slope, tana, and wave
steepness, s, in a sufficient way. Therefore, both the slope angle and wave steepness were

treated separately, resulting in Equation 5.73 as an empirical relationship: 10
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0.081

r= 0.78
po-14 (cotar) s£,‘44

(5.73)

where P is the notional permeability factor (-) (see Section 5.2.1.2) and Sop is the fictitious

wave steepness (-), based on the peak wave period.

The variation of the data evaluated with Equation 5.73 is o = 0.040, which is a considerable
reduction compared with o = 0.055 and o = 0.060 as found by Postma (1989) with best-fit
values of @ and b in Equation 5.71.

In Figure 5.18 the data of Van der Meer (1988b) and Allsop and Channel (1989) are
presented with Equations 5.71 and 5.72. For rough slopes Figure 5.18 includes the two fits
suggested by Postma (1989) and the prediction by Seelig and Ahrens (1981) based on regular
waves. For smooth slopes Figure 5.18 presents Equations 5.71 and 5.72 with the coefficients
suggested by Battjes (1974) and Seelig and Ahrens (1981).
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Figure 5.18 Comparison of data on rock-armoured slopes with reflection formulae

NOTE: Predictions based on Equation 5.71 cannot safely be extrapolated to large values of
the breaker parameter, ie £ > 10, and for smooth slopes even to lower values of the breaker
parameter (see Figure 5.18). This is also the case for Equation 5.73, which is not presented in
Figure 5.18. It is therefore recommended to limit their use to the range of the breaker
parameter with & < 10. Equation 5.72, with the coefficients proposed in Table 5.14, is
expected to give more realistic predictions for very large values of the breaker parameter.

® Large values of §

For situations with large values of the breaker parameter, Equation 5.75 presented by
Davidson et al (1996) is recommended, which has been derived from data with relatively
steep slopes and hydraulic conditions that comprise swell waves. Full-scale measurements of
the wave reflection from a rubble mound breakwater with local reflection surfaces of tana =
1/1.55 and 1/0.82 were examined. It was found that existing prediction methods
overemphasise the effects of the incident wave height, H;, and the structure slope, tana,
relative to the wavelength, L. Multiple regression analysis led to a new non-dimensional
reflection number, which revises the relative weightings of the physical parameters used in
the surf similarity parameter (Equation 5.2) and the Miche number (see Equation 4.100 in
Box 4.7). Equation 5.74 gives the expression for this reflection number, R (-), which also
includes the water depth at the toe, 2 (m), and the median nominal diameter of the

armourstone, D, 5, (m):
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5.1 Hydraulic performance

Re hL? tana (5.74) 1
Hi(Duso )
Based on the reflection number given by Equation 5.74, Davidson et al (1996) proposed
Equation 5.75 as the empirical relationship for calculating the wave reflection coefficient, C, (-):

0.635VR
_ DOOVR 5.75
"T412+VR ©-79) 2

Rough non-porous slopes

There are no reliable general data available on the reflection performance of rough, non-

porous slopes. In general a small reduction in reflections might be expected compared with 3
smooth slopes as for wave run-up (see Section 5.1.1.2). Reduction factors have, however, not

been derived from tests. It is therefore recommended not to use values of C, lower than

those for the equivalent smooth slope, unless this is supported by test data.

Bermed slopes

Some structures may incorporate a step or berm in the armoured slope at or near the still
water level. This berm width, By, may lead to a further reduction in C,. Few data are
available for such configurations. Example results from Allsop and Channell (1989) are
shown in Figure 5.19 in terms of the relative berm width, By/L,, , where the wavelength of
the mean period, L,, (m), is calculated for the water depth, A, (m), in front of the structure.
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Figure 5.19 Effect of relative berm width on reflection
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Hydraulic performance related to currents

In the fluvial environment current attack is the cause of instability of beds and banks as well
as of any engineered protection system that is constructed to minimise potential erosion. This
is particularly evident when hydraulic structures are present, since they alter the velocity
profiles locally, which can often be accompanied by increased turbulence. Bridge piers, river
training works and closure (rockfill) dams are examples of such structures, and are discussed

more comprehensively in Chapters 7 and 8.

In this section only a brief description is presented of the hydraulic loads (ie the governing
parameters for design) that can be found in fluvial environments. These concepts have been
presented in detail in Section 4.3. Hydraulic interactions related to wave attack are covered

in Section 5.1.1.

Detailed information is given in this section on the hydraulic parameters to take into account
for the design of rockfill closure dams since these structures require the consideration of
specific parameters that are not covered in Chapter 4.

Governing parameters

From a designer’s point of view, the governing parameters to consider when currents are

present are:
Specific discharge

This specific discharge, ¢, is measured per unit length or width (m%s per m, eg along a

structure’s crest or a river’s cross-section). Total discharges are denoted by Q (in m¥s).
Water levels

Currents are driven by and calculated from differences in water head or level (disregarding
the velocity head, U?/(2g). Water levels are generally denoted by & (m). A range of water
levels may be required for structure design, eg levels corresponding to different return
periods, various tidal levels (see Sections 4.2.2 and 4.3.3).

Flow velocities

Depending on the structure considered, a range of velocities may have to be defined for
design. For example, in tidal conditions the reversal of direction of the flow velocity needs to
be taken into account, particularly to ensure stability at armourstone protection boundaries.
In general, cross-sectional and/or depth-averaged velocities are denoted by U and local
velocities by u (m/s); (see also Section 4.3.2.3).

Turbulence

Increased flow turbulence is generated at boundaries of structures (eg downstream of weirs),
at armourstone surfaces (eg bed protection, dams), and can persist for some distance beyond
a structure. Turbulence is usually expressed in terms of its intensity. This intensity of
turbulence, 7 (-), is defined as the ratio of the fluctuating velocity component («', with high
characteristic frequencies or time scales < 1 s) and the time-averaged velocity, u (see Section
4.3.2.5).

Detailed information on the above parameters for inland waters is given in Section 4.3. For

the marine environment information is given in Section 4.2.
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5122 Seepage flow 1

In many applications of quarried rock in hydraulic engineering it is necessary to estimate

seepage flows or velocities, eg for rockfill dams, closure dams, protective filters, armourstone

revetments. When stone is involved, as opposed to finer granular media, fully developed

turbulent seepage through the armourstone will occur and the use of Darcy’s law, applicable

to laminar flows, is no longer appropriate. In Section 5.4.4.4 guidance is given on the 2
calculation of the permeability of rock structures and the estimation of hydraulic gradients

through rockfill structures.

Several researchers have suggested formulae for calculating the mean flow velocity through

the voids that are valid for turbulent seepage flows. It has been established that this flow

regime typically occurs for values of Reynolds numbers above 300 (for flow through the 3
voids; see also Box 5.7). One example of these formulae is Equation 5.76, proposed by

Martins and Escarameia (1989b). This can be used for the determination of the average

velocity in the voids between the stones, U,, (m/s), and more importantly, the flow rate that

can be expected through a rock structure.

U, =K C; %% [2geDsoi (5.76) 4

where:

K = coefficient that depends on stone shape (-); K = 0.56 for crushed stone; K =
0.75 for rounded stones

Cy = coefficient of uniformity defined as Dgy/D 1 (-)

e = voids ratio defined as the ratio of volume of the voids and total rockfill volume;
this being equal to: n,/(1 — n,), where n,, is volumetric porosity (-) (see Section
3.4.4.3)

Dy = characteristic sieve size of the stone (m)

i = hydraulic gradient (-).

The flow discharge, Q (m?%s), through the rockfill can subsequently be calculated with
Equation 5.77:

0=Uyn 4 (5.77)

where A is the total cross-sectional area (m?); n,, is the armourstone porosity of the medium (-). 7

10
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Box 5.7 Reynolds number(s)

Originally the Reynolds number, Re, was developed for the characterisation of the flow through pipelines.
This basic fluid mechanics law as presented in Equation 5.78, describes the flow of a fluid to be laminar
or turbulent. In general the transition for water lies at Re = 1000, with lower values valid for laminar flow
and higher for turbulent flow. For open channels the same Equation 5.78 is valid, with the hydraulic radius,
R (m), being used instead of the pipe diameter.

Re=DpU /v =4RU /v (5.78)

where D, = pipe diameter (m); U = cross-sectional averaged or depth-averaged velocity (m/s) and v =
kinematic viscosity (m2/s); for water the value is typically: v = 106 m2/s.

Special applications of the Reynolds number are:

Reynolds number, Re« (-), based on the critical shear velocity: Rex = ux., D/v (see Section 5.2.1.2)
the Reynolds number applicable to seepage flow through rockfill voids. This Re, is basically the same
as Equation 5.78, with R = R, where R, is the mean hydraulic radius of the voids (m). This mean
hydraulic radius has been defined as: R,,, = eDgy/c, where e = void ratio (-), Dso = median sieve size of
the rockfill, and ¢ = coefficient (¢ = 6.3 for rounded stone and ¢ = 8.5 for angular stone - see Martins
and Escarameia (1989a)).

Equation 5.79 gives the definition of the Reynolds number, Re, (-) for turbulent flow through voids of
rockfill.

eDsy U, (5.79)
[« Vv

Re,=4R . U,/v =4

where e is the voids ratio (-); U, is the velocity through the voids (m/s).

Hydraulics of rockfill closure dams

Given the more complex nature of the hydraulic interaction associated with rockfill closure
dams and cofferdams, the emphasis of this section is on these types of structures as opposed
to rockfill dams built in the dry.

With regard to closure dams, the construction of a rockfill dam in a river or in an estuary can
be carried out according to the vertical or horizontal method or by using a combination of
both methods (see Section 7.2.3). The vertical method is defined as building up the closure
dam from the bottom up until above water over its full length, whereas the horizontal
method is defined as advancing the rockfill dam heads above water from either side of the
river or estuary. In all cases the flow field will change during the progress of construction.
This is caused by reduction of the gap, either vertically or horizontally, and by possible
bathymetric changes due to scour of the bed as a result of the partially constructed
structures. Depending on whether boundary conditions are available at a large distance, eg
the tidal amplitude at sea, or locally, eg water levels near the construction site, additional

modelling may be required to arrive at local head differences across the closure gap.

The conveyance characteristics for a particular geometry, such as shape, opening etc, are
described by the head-discharge relationships, which may differ as a function of the flow
regime. These various relationships give the discharge capacity of the structure and include a
discharge coefficient to account for contraction effects and energy losses due to flow

expansion and bed roughness.

The key processes that play a role in the hydraulics of rockfill closure dams are the discharge,
0O (m¥s) or the specific dischrage ¢ (m?%s per m), the flow velocity, U (m/s) and the various
water levels, as defined in Section 5.2.1.2. The key parameters that are relevant for the
processes (see also the Figures 5.20 to 5.24) are as follows:

® the upstream water level relative to dam crest (for vertical closure), H (m)
e the tailwater (or downstream) water level relative to dam crest level, 2, (m)

e the upstream and downstream water depths, 2, (m) and kg (m) respectively
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e the width of the dam crest, B (m) and the structure height, d (m) 1
e the characteristic size of the armourstone, D, 5, (m)

® the relative buoyant density of the stones, A = p,/p, — 1 (-), where p, = p,;, (kg/m?); see
Section 3.3.3.2

e the depth-mean flow velocity, U, (m/s), occurring where the water depth on the crest, h
(m), is minimum 2
® the cross-sectional mean flow velocity in the gap, U, (m/s), relevant for horizontal

closures.
Types of flow

Permeable dams allow for flow through the dam in addition to possible flow over the crest. 3
For upstream water levels below the crest (H < 0) only through-flow is possible. Besides these

two main components of dam flow and discharge, flow regimes for crest flow are

distinguished according to three criteria:

1 The tailwater parameter, h,/(AD, ) (-), also called the non-dimensional or relative

tailwater depth. 4

The Froude number of crest flow, Fr (-).

[CCREN \o)

The crest width, = length of crest flow, B (m).
The first criterion using the tailwater parameter, /;/(AD,5,) (-), is based on the values of the
relative tailwater depth, %, (m). The flow regimes that can be distinguished by water level (H

and h;), are presented in Figure 5.20.

NOTE: When using the h;/(AD, ) — criterion, an estimate of the characteristic median nominal

diameter of the stone grading, D, 5, (m), is initially required to find the actual flow regime.

v
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Note: D should read D, 5 in this figure

Figure 5.20 Typical flow regimes (for parameters see 9
listing above in main text)

The various parameters of the dam cross-section and water levels are shown in Figure 5.21
and Figure 5.22. Depending on the particular flow regime in terms of /,/(AD,,5), specific
empirical stability criteria have been established for the rock used as construction material

(Section 5.2.3.5). 10
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The second criterion is based on the Froude number, Fr (-). It has a clear physical
background and distinguishes whether the flow on the crest is physically governed by
upstream (Fr > 1) or downstream (Fr < 1) boundary conditions. Equation 5.80 gives the

Froude number as it is generally defined.

Fr=U/\gh (5.80)

Using local values for velocity, u (m/s), and depth, & (m), the Froude number will show
stream wise variations. The actual value of Fr, or the flow velocity u, over the crest, decides
whether the flow is subcritical (Fr < 1) or supercritical (Fr > 1). For Fr = 1 the flow is

critical (according to a less strict terminology “critical” is used for Fr > 1).

Application of the Fr-criterion however, requires that the value of u is known beforehand,
which results in an iterative procedure. Therefore a less accurate but more practical
alternative is to compare the tailwater depth, ;, (m), with the critical water depth at the crest
(both measured relative to the crest level). This critical depth, A, (m), can, except for high

upstream flow velocities, be approximated with Equation 5.81:
her = 2/3H (5.81)
where H is the upstream water level (m), also measured from the crest level.

The criterion then can be expressed using Equations 5.82 and 5.83 (each using two

equivalent formulations):
subcritical: for h,>2/3 H or H—h,<0.5h, (5.82)
supercritical: ~ for 1, <2/3 H or H—hy<0.5h, (5.83)

During vertical construction of the dam the crest level is gradually built up and at a certain
stage, depending on the up- and downstream water levels, the flow regime might change
from a subcritical to supercritical regime. Alternative terminology found in literature for sub-
and supercritical flow are sub-modular, submerged or drowned flow and modular or free flow

respectively.

Note: D should read D, 5 in this figure
Figure 5.21 Definition sketch for vertical closures
The use of the Fr-criterion becomes particularly important when discharge, velocity or shear

concepts are used as design parameters for the armourstone (see Section 5.2.1). Therefore
the discharge and/or velocities across the dam have to be determined first.

The third criterion to define the type of flow distinguishes between broad-crested dams and

short-crested dams:
Usually, a broad-crested dam is defined by H/B < 0.5, while for a short-crested dam H/B >

0.5. Physically the difference should be interpreted as whether bed shear on the crest can be
neglected — as is the case for short-crested dams — or not.
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Discharge relationships and velocities 1

In the case of short-crested dams — and in the other direction assuming an infinitely long
dam perpendicular to the mean current direction — a set of conventional discharge relations

can be used to find the specific discharge, ¢ (m?/s per m).

e Vertical closure method 2

Originally, the relationships given by the Equations 5.84 to 5.86 were applied to weirs, which
can be considered as an early construction stage during a vertical closure:

q= uhp2g(H - hp) subcritical flow (5.84)
q=u2/3 \/2/3(gH3) supercritical flow (5.85) 3
g=C' \/hj 2 g((h1 /) - 1) through-flow (5.86)
where:
H = upstream water level above dam crest level (m) 4
hy, = downstream water level relative to dam crest (m)
m = discharge coefficient (-); see separate sub-section later in this section and Table 5.15
hy = upstream water depth (m)
hs = downstream water depth (m)
c = resistance factor (a specific type of discharge coefficient) (-).

NOTE: The values of 7 and kg must be measured relative to the original bed for a vertical

closure (see Figure 5.21) and relative to the sill for a combined closure (see Figure 5.24).

For through-flow the resistance factor €' is written in terms of a through-flow resistance
coefficient, C (-), and the effective length, L, (m), of the structure in flow direction. L, can be 6
determined with Equation 5.87:

Ly =B +(2d —0.67(h1 — h3))cota (5.87)

which is then used to calculate the resistance factor, C' (-), according to Equation 5.88:

5
ny” Dyso

c’'=1/3
/ CLs

(5.88)

where n, is the porosity of the rockfill (-); D, 5o is the median nominal size of the

armourstone (m); and C is the through-flow resistance coefficient (-), where C = f(Re), the

average value and range of which is included in Table 5.15 — lower row. For definition of

other terms, see Figure 5.22. 8

Figure 5.22 Definition sketch for flow through a dam

10
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For known specific discharges, ¢, over a submerged dam, calculated with Equations 5.84 and
5.85, the corresponding maximum depth-mean flow velocity, U, (m/s), can be found with
Equation 5.89:

Uo=q/ho (5.89)
where A is the minimum water depth on the crest (m) (see Figure 5.21).

U, may be approximated, by combining Equation 5.89 with Equations 5.84 and 5.85, if in
Equation 5.89 A is replaced by %, and h,, = 2/3 H respectively.

The approximation for subcritical flow of the minimum water depth, %, (m), by the tailwater
depth, h, (m), requires correction with a discharge coefficient, y (-), and u = 1 only if 2y = £,

Equations 5.90 and 5.91 — for subcritical and supercritical flow conditions respectively — give

the resulting approximations for U,,.

Uo=q/hy=p2g(H —hy) subcritical flow (5.90)
Uo =q/her =+[2/3(gH) supercritical flow (5.91)
where H is the upstream water level above dam crest level (m).

In Equation 5.91, it has a priori been assumed that 1 = 1, which means assuming that 4, = h,,
(m). Other situations are outlined in Figure 5.28, giving other values for the discharge
coefficient, p.

e Horizontal closure method

The discharge relationships, Equations 5.84 and 5.85, have been derived for weirs, but also
apply to vertical closures. Because similar data for discharges through horizontal constrictions
are lacking, these are simply adjusted for horizontal closures. The essential physical
differences comparing to a vertical closure are introduced by the 3D character of the flow.
This can be observed by flow contraction just downstream of the closure and in practice this
is included through (3D) discharge coefficients, pt. For a horizontal closure (definition sketch,
see Figure 5.23), the total discharge, Q (m?%s), across the entire width, b (m), of the gap can
also be calculated as Q = U b h, with U, (m/s) according to a formula based on Equation
5.90. Corrections to account for the influence of 3D subcritical and supercritical flow have to
be included with discharge coefficients, p (-). Equation 5.92 gives the resulting relationship:

Q=u bh|2g(h—h) (5.92)

where:

u = discharge coefficient (-) accounting for 3D subcritical and supercritical flow

hy = upstream water depth (m)

b = the mean gap width (m), equal to: b, + &y cota; note that o = slope angle of
the two dam heads (see Figure 5.24)

hy = gap width (m) between both toes of the dam heads (see Figure 5.24)

ho = hg (= tailwater depth) for subcritical flow (m)

= heon (= control depth) for supercritical flow (m), as defined by Equation 5.93:

con

hcgn=0.4h1(1—1.5p+w/(1+2p+2.25p2)) (5.93)

where p is gap width factor (-), equal to b, /(2h; cota) (see Figure 5.23 and Figure 5.24).
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Generally, p = 0.9, with actual values ranging from 0.75 to 1.1. It should be noted that in the 1
case of a more detailed approach 3D effects and uncertainties (here included in i) may be

quantified explicitly, for example with a numerical model (see Sections 4.2.3.3 and 4.3.5.2 as

well as Section 5.3.3.2). Values for the discharge coefficient are given in Table 5.15.

NOTE: The equations presented above can be applied to a horizontal closure down to a

relative energy drop across the dam of about 5-10 per cent, where the energy drop can be 2
defined as (H-hy)/H in Figure 5.21 or (hy-hs)/h; in Figure 5.23 and Figure 5.24. If the energy

drop is less, then friction cannot be neglected and the Chézy equation for uniform flow, U =

CV(RI) (see Section 4.3.2.3), can be used to calculate the discharge, Q.

For a horizontal closure and known discharge, Q (m?%/s), and gap width, b (m), the cross-
sectional mean flow velocity in the gap, Ug (m/s), is estimated by means of Equation 5.94 (for 3
definitions, see Figure 5.23):

Ug =Ua = 0f(bln) = u2(h — o) (5.94)

where U, is the cross-sectional mean flow velocity (m/s) in the gap in the critical section; hy is
the water depth in the “control section” of the closure gap (m) (see Figure 5.23). For the water 4
depth in this critical section, hy , either kg3 or h,, must be substituted (see Equation 5.92).
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Note: D should read D, 5 in this figure 6

Figure 5.23 Definition sketch for horizontal closure
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Figure 5.24 Definition sketch for a combined closure

e Comparison of vertical and horizontal closure

The typical differences between vertical and horizontal closures, with regard to the flow

velocities, are outlined with an example in Box 5.8.

10
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Box 5.8 Comparison of closure methods

An impression of the flow velocities during the successive construction stages of an arbitrarily chosen
closure is presented in Figure 5.25. For the principal closure methods the maximum flow velocity, U (m/s),
is related to the relative size of the closure gap (ie width, b (m), and sill height, d (m)), and is furthermore
dependent on the values of (H - h,) or H for a vertical closure (see Equations 5.92 and 5.93) and the value
of (hy - h,) for a horizontal closure (see Equation 5.94). The key difference between the two methods is
the relative time of occurrence of the maximum velocity: this is close to the end of the horizontal closure
process (see Figure 5.25-right), whereas this is at a quarter of the total dam height in the case of a vertical
closure process (see Figure 5.25 left).

Figure 5.25 Example of maximum flow velocities for different closure methods; for vertical closure:
max. velocity = U,, and for horizontal closure: max. velocity = Ug

Recommendations for the application of any of the methods under certain conditions are given in
Sections 7.2 and 7.3 for estuary closures and river closures respectively.

Discharge coefficients

In this section discharge coefficients, u1 , for the various closure methods are given. The
presented coefficients are based on physical model tests for specific dam geometries. In Table
5.15 indicative mean values are presented for both vertical and horizontal closure methods as
well as for through-flow. The reliability is expressed by a range (see Table 5.15),
approximately corresponding to 2-3 times the standard deviations of the test data. In
general, discharge coefficients u are needed to compensate for a — sometimes simplified —
schematisation (eg discharge relationship) of a complex flow field. Therefore in a particular

case, two options may be evaluated:

Option 1:  Physical model tests to determine actual values for the discharge coefficient, p.

Option 2:  Use of a numerical flow model capable of representing this flow field (see
Section 5.3.3.2).

NOTE: For vertical and horizontal closures the coefficients are obtained from ¢ and Q
respectively and therefore in the latter case 3D effects are included, such as flow contraction,
actual gap width and slope of dam head.

e Vertical closure method

The discharge coefficient of submerged dams depends on the geometry of the sill (width,
slope angle etc), permeability, relative water depth above the sill and hydraulic head. In
Table 5.15 the indicative values for u are presented. For crucial situations it is necessary to
determine the discharge coefficient by means of physical model studies.

Results of physical model tests are presented in Figure 5.26 and Figure 5.27 for subcritical
flow and in Figure 5.28 for supercritical flow. An indication of the validity of the data is
given by the range of test data included in these figures. In short the most remarkable
features are:
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e the influence of the crest width, B (m), on the discharge coefficient, u (-), is shown in Figure
5.26 for eight slope angles a and two dimensionless approach velocities, u,/N(g ), for only a
single relative dam height, d/i;, = 1. It can be seen that the value of the discharge coefficient,

1 (), increases with increasing values of both the crest width, B, and slope angle, a

e for flow conditions at the limit of stone stability, the influence of the water depth on the
crest, expressed as 1,/(AD,50), on the discharge coefficient, u, is shown in Figure 5.27.
Under these threshold conditions, the value of u decreases with decreasing water depth
hy. As also crest width B and dam porosity, expressed as D, 50/d (-), were varied,
additionally, a limited effect of D, 5y/d can be deduced

e for a porous dam, ie D, 50/d = 0.07, the influence of the relative crest width, B/H (-), on
the discharge coefficient, u, can be seen in Figure 5.28. No influence of B/H is found for
the intermediate flow, but for the high dam flow the influence is significant. However,
with a non-porous core this influence is observed neither at high dam flow nor at

intermediate flow.
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Figure 5.26
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Influence of crest width and side slope on
discharge coefficients for subcritical flow over a
smooth dam with crest at half of water depth
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Figure 5.28 Influence of crest width and volumetric porosity on discharge

coefficients for supercritical and intermediate flow
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5 Physical processes and design tools

e Horizontal closure method

Also for the horizontal closure method the indicative values for discharge coefficients i are
given in Table 5.15. Let b, be the (initial) gap width before any flow contraction occurs. In
fact, b and b, are depth-averaged values since, for sloping dam heads, the width has a
minimum, b, (m), at the toe of the dam (see Figure 5.24) and a maximum at the water

surface.

During closure, the gap width b reduces to 0 (b/b, — 0) and the flow disturbance increases.
The relative stage of the closure is expressed as 1 — b/b, , which increases from 0 to 1 (or 100

per cent).

In Figure 5.29, the results of physical model tests conducted by Naylor and Thomas (1976)
are presented. The discharge coefficient 1 is shown as a function of the instantaneous relative
gap width, b/b, (-), for both subcritical and supercritical flow. The scatter for both flow
conditions is large, so verification using a (physical) model may be appropriate.
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Figure 5.29 Discharge coefficients for horizontal closure as a function of relative gap
width for subcritical and supercritical flow (Naylor and Thomas, 1976)
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e  Through-flow

The through-flow condition applies when the dam is permeable. In case the dam crest is
higher than the upstream water level, through-flow is the only way of discharge across the
dam, disregarding overtopping waves. The parameters were defined in Figure 5.22.

The specific discharge, ¢ (m%s per m), can be estimated for example with Equation 5.86 as a
function of the dam geometry, with crest width, B, structure height, d, and specific discharge
coefficient, C' , as parameters, and the characteristic stone size, D, 5, (m), the porosity of the
rockfill, n,, , and water levels, /; or &3 , at both sides of the dam as structural and hydraulic
parameters (see also the Equations 5.87 and 5.88). The value of the through-flow resistance
coefficient, C, as given in Table 5.15 is based on an analysis of discharge data of Prajapati
(1968) and Cohen de Lara (1955).

®  Summary of discharge coefficients for closures

Table 5.15 Discharge coefficients, i (-)

Closure | Remarks with respect to dam Discharge relation | Discharge coefficient, u FI::
method ' geometry etc (Equation no.) COnCiLon
Average value Range
low dam (wide, rather smooth, Eq 5.84 11 1.0-1.2 | subcritical
o non-porous)
=]
8 | medium high dam (rather wide, Eq 5.84 1.0 0.9-11 | subcritical
= low vol. porosity, moderate rough)
]
E high dam (narrow, rough, porous) Eq 5.85 1.0 0.9-11 subcritical
sharp-crested Eq 5.85 1.0 0.8-1.2 supercritical
o b/bg = 0.5 Eq 5.92 0.8 - subcritical
=]
?g; b/by = 0.5 Eq 5.92 0.9 - supercritical
s
§ b/bg=0.1 Eq 5.92 0.9 - subcritical
2 b/bg = 0.1 Eq 5.92 0.9 - supercritical
=
Dz . ) )
°5 coefficient C in Equation 5.88 Eq 5.86 C=0.5 0.4-0.6 -
=25
=

535
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STRUCTURAL RESPONSE TO HYDRAULIC LOADING

Hydraulic interactions and hydraulic parameters associated with wave and current action on
the structure have been described in Section 5.1. This section describes the structural
response to hydraulic loading, the hydraulic stability of armourstone and concrete armour
units forming part of hydraulic structures. Firstly, the stability concepts and parameters are
described in Section 5.2.1. Then, the structural responses related to waves and currents are
described in Sections 5.2.2 and 5.2.3, respectively. Finally, the structural response related to

ice is described in Section 5.2.4.

Analysis of the hydraulic stability of armourstone and sediments generally concerns
individual stones and particles. By comparison, geotechnical stability analysis discussed in
Section 5.4, always concerns material in bulk. Movements of stones and sediment due to
current and/or wave action are observed as displacements of individual stones or as scour
holes when the bed consists of sand, small stones or gravel. This shows that the relative
magnitudes of the movements of coarse and fine particles are of different order.
Displacements of individual stones are of the order of several times the stone diameter, while

scour depths/lengths in sediments are at least several orders of magnitude of the grain size.
Stability concepts and parameters
Introduction to stability concepts

Conventional design methods aim to prevent the initial movement of coarse and fine
particles by defining threshold conditions. These conditions, expressed in terms of critical

values for shear stress, velocity, wave height or discharge are discussed in this section.

There is usually a considerable experimental scatter around the point of initial movement, eg
the critical shear stress parameter, v, (see Section 5.2.1.3), or the critical velocity, U,, (see
Section 5.2.1.4). The designer can take advantage of a probabilistic approach (see Sections
2.3.3 and 5.2.2.2) to account for these and other uncertainties. In addition to the uncertainty
in resistance or strength, eg the critical shear stress, y,,, certain damage may be accepted. This
implies that some movement is allowed, but only up to predefined levels of displacement
(armourstone and concrete armour units) or scour (sand, gravel). These threshold levels may
be defined, for example, as:

e a maximum amount of displaced stones or concrete units (per unit time and area)
® a critical scour depth

® a maximum transport of material.

The concept of allowing some damage below a certain limit is the most common concept for
the design of hydraulic structures consisting of armourstone or structures armoured with

concrete armour units.

The exceedance of the above mentioned threshold conditions leads to instability of loose
materials, ranging from sand to armourstone. Waves, current velocities and differences in
water levels, all acting through shear stresses (and/or lift forces), can be regarded as the
principal hydraulic loadings. The principal stabilising or resistance forces are gravity (that
induces submerged weight) and cohesion. Cohesion is only relevant to time sediments in the
clay and silt range (D < 5 um and D < 50 um, respectively) or fine sand (D < 250 um) with
an appreciable silt content. In this respect it is convenient to classify the material of erodible

layers or subsoil as either:

® cohesive sediments (silt, D < 50 um and clay, D < 5 ym) or

® non-cohesive, fine sediment (sand, 50 yum < D < 2 mm) or
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® non-cohesive, coarse sediment (gravel, D > 2 mm and stone, D > 50 mm) 1

The erosion resistance of non-cohesive material is discussed in this section, whereas some

empirical data on the erosion resistance of cohesive sediments is provided in Section 5.2.3.1.

The basic principles of a hydraulic stability analysis are common for both fine and coarse
sediments. However, for coarse sediments the viscous forces on the particle surface can be 2
neglected, allowing for the establishment of more general formulae.

The structural response (movements, displacements) of armourstone in breakwaters, seawalls,
river banks and rockfill dams to hydraulic loadings (waves, currents) can be practically

described with one or more of the following hydraulic loading variables and parameters:

specific discharge, ¢, across a structure, eg a dam (m?s per m)

® shear stress, 7 (N/m?), or non-dimensional, y (-), or the shear velocity, ux (m/s)
e velocity, either depth-averaged, U, or local, u (m/s)

e (differences in) water level, /1, or head H or H-h, eg across a dam (m)

e wave height, H, eg the significant wave height, H,, in front of a breakwater (m). 4
The most prominent strength or resistance variables with regard to stability are:

® sieve size, D (m), or nominal diameter D, (m) of the armourstone, or mass, M (kg), see

also Equation 5.95

e relative buoyant density of stone, A (-), see Equation 5.96.

To a lesser extent, the layer porosity, n,, (-), or the bulk (or placed packing) density, p;, (kg/m?)

(see Section 3.5), as well as the permeability of the rock structure are also resistance
parameters that play a role in the structural response to waves and currents.

Loading and resistance variables and parameters (Sections 5.2.2 and 5.2.3) are often 6
combined into non-dimensional numbers (eg Stability number, Shields parameter, Izbash

parameter), to be used as parameters in the design of structures such as armourstone layers

(Section 5.2.2.2), river banks (Section 5.2.3.1) or rockfill closure dams (Section 5.2.3.5).

Parameters related to the characterisation of rock, the cross-section of the structure, or the

response of the structure under wave or current attack are also used in the design of

hydraulic rock structures. 7

Critical or permissible values of these parameters are then defined by design formulae or

given explicitly. In the case that the design condition is the initial movement of rock or

concrete armour units, the design formula is a stability formula. Several transfer relations

exist, for example discharge relationships are used in rockfill closure dams (Section 5.2.3.4),

to transform differences in water level, %, into discharges, ¢, or velocities, U. 8

Two basic concepts or methods exist to evaluate the hydraulic stability of a rock structure: the

critical shear concept and the critical velocity concept. In practice, from these two methods

other criteria can be derived in terms of mobility or stability numbers. For example, the

critical wave height can be derived from the critical velocity using the orbital velocity near the

bed, u, = f{H, ...} (Equation 4.49). In summary, the overview of the methods, in terms of 9
design and governing parameters and the related non-dimensional stability number is as

follows:

10
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Stability concept Governing parameter Non-dimensional number

Critical shear stress shear stress, 7, (N/m?) Ve (-)
Critical velocity current velocity, U,, (m/s) U2/(2gAD)
and from these follow:

Critical discharge specific discharge, ¢,, (m3/s per m)  gA[g(AD)?]
Critical wave height wave height, H,, (m) H/(AD)
Critical hydraulic head head difference, (H - h),, (m) H/(AD)

A global overview of the various methods together with their fields of application is provided

after the discussion of these various stability concepts, see Section 5.2.1.8.

Table 5.16 gives an overview of the various stability concepts discussed in this Section 5.2.1 as
well as their relation with the various design tools for the evaluation of the stability as

discussed in other sections of this chapter.

Table 5.16 Stability concepts and the relation with structure types and stability formulae for design

Stability - . .
eeep Stability parameter Section Structure type Section
) 5.2.1.2 and | Bed and bank protection 5.2.3.1

Shields parameter,

Shear stress P Ve 15213 Spillways and outlets, rockfill closure dams | 5.2.3.5
Izbash number. Bed and bank protection 5.2.3.1
Velocity U2/(28AD) ’ 5.2.1.4 Near-bed structures 5.2.3.2
Toe and scour protection 5.2.3.3
Discharge q/\/[g(AD)3] 5.2.1.7 Rockfill closure dams, sills, weirs 5.2.35
. Rock armour layers 5.2.2.2
Wave height it/a(zlg;y number, 5.2.1.5 Concrete armour layers 5.2.2.3
Toe and scour protection 5.2.2.9
Hydraulic head | H/(AD) 5.2.1.6 Dams, sills, weirs 5.2.35

The use of a velocity stability concept, although it is the simplest and most straightforward,
may become difficult when a representative velocity has to be determined. It is often a local

value that is required and not the depth-averaged value.

Bed shear stresses concept incorporates the basic grain mechanics and are therefore most
generally applicable. However, the vertical velocity profile has to be known first, and
subsequently a reliable transfer should be performed from this velocity profile into shear
stress. Some approaches (see eg Equations 5.115 and 5.116) are not purely based on grain
mechanics, but rather on model tests and dimensional analysis.

In the cases of movement of stone and erosion resistance of sediments under current attack,
the method of critical shear stress and the method of permissible or critical velocity are most
frequently used.

The stability concepts used in dam design for a difference in water (or head) level are very
similar to the wave height concept used for breakwater and seawall design (Section 5.2.2). In
both cases a non-dimensional number is used: H/(AD). With regard to waves, this stability

parameter is also known as the stability (or mobility) number, Ni.
The description of the different parameters used to evaluate the hydraulic stability of rock

structures is given in Section 5.2.1.2. Based on this description, the different methods used to

evaluate the hydraulic stability of a rock structure are then discussed:
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® The principles of the shear concept are discussed in Section 5.2.1.3, based on the well-
known Shields shear-type stability parameter introduced in Section 5.2.1.2. Some specific
applications (eg Pilarczyk’s formula) are discussed in Section 5.2.3. The method of
critical shear is also applicable to oscillatory flow (waves only), as well as to a combination

of currents and waves (see Section 5.2.1.3).

e The critical or permissible velocity method is discussed in Section 5.2.1.4, based on the
well-known Izbash velocity-type stability parameter introduced in Section 5.2.1.2. Some

specific applications are shown in Section 5.2.3.

® The use of the H/(AD) wave stability criterion is introduced in Section 5.2.1.5 and
discussed for different applications in Section 5.2.2.

® The use of the H/(AD) parameter to define a stability criterion in terms of a head
difference or height of overtopping across dams is introduced in Section 5.2.1.6 and
discussed in Section 5.2.3.

e In Section 5.2.1.7 the critical discharge method is introduced.

The relationships used to transfer some stability parameters into others are described in

Section 5.2.1.8. Finally, Section 5.2.1.9 gives an overview of the general design formulae.
Governing parameters to evaluate stability

Some of the parameters used to evaluate the hydraulic stability of rock structures consist of
combinations of hydraulic (loading) parameters and material (resistance) parameters. The
parameters that are relevant for the structural stability, can be divided into four categories,

discussed below:

® wave and current attack
® characterisation of armourstone
® cross-section of the structure

e response of the structure.
Wave attack

In the case of wave attack on a sloping structure the most important parameter, which gives a
relationship (see Equation 5.95) between the structure and the wave conditions, is the
stability number, N; (-):

H

Ny =——
"7 AD

(5.95)

where:

H = wave height (m). This is usually the significant wave height, H,, either defined
by the average of the highest one third of the waves in a record, H 5 , or by
4my , the spectral significant wave height H,, (see Section 4.2.4). For deep
water both definitions give more or less the same wave height. For shallow-
water conditions there may be substantial differences up to H, = 1.3 H,, (see
Section 4.2.4)

A = relative buoyant density (-), described by Equation 5.96 (see also Section 3.3.3.2)

D = characteristic size or diameter (m), depending on the type of structure (see
Section 5.2.2.1). The diameter used for armourstone is the median nominal
diameter, D, 5, (m), defined as the median equivalent cube size (see Section
3.4.2). For concrete armour units the diameter used is D,, (m), which depends

on the block shape (see Section 3.12).
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AP =Pw _Pr (5.96)
Pw P
where p, is the apparent mass density of the rock (kg/m?), equal to Papp (s€€ Section 3.3.3);
Py 1s the mass density of water (kg/m?). For concrete armour layers, the mass density of

concrete, p, (kg/m?), is to be used.

By substituting the median nominal diameter and the significant wave height, the stability
parameter, H/(AD) or stability number, N, (-), takes the form of H/(AD,).

Another important structural parameter is the surf similarity parameter, &, which relates the
structure or beach slope angle, a (°), to the fictitious wave steepness, s, (-), and which gives a
classification of breaker types. This manual presents different versions of this parameter,
& = tana/\s, (see Section 5.1.1), depending on which specified wave height (either the
significant wave height based on time-domain analysis, H; = Hy3, or the wave height based
on spectral analysis, H; = H,, , is used) and which specified wave period is used, ie either the
mean period, 7, , or the peak period, 7}, , or the mean energy period, 7,1 o. In summary:

e ¢, refers to the significant wave height, H; = H}/3, and the mean wave period, T,
e ¢, refers to the significant wave height, H; = Hy3, and the peak wave period, T),

® & refers to the significant wave height, H; = H)3, and the spectral mean energy
period, T,, 1 o

® &, refers to the spectral significant wave height, H; = H,,), and the mean energy
period, T}, 1 ¢ -

Current attack

The main parameters used to describe the structural response to current attack, are
combinations of hydraulic (loading) parameters and material (strength or resistance)

parameters.

Closure dams are classified and designed using, amongst other parameters, the critical
height or height of overtopping parameter, H/(AD), where H is an equivalent of the wave
height used in the case of wave attack in the stability number defined above. In the case of
current attack, H is the upstream water head or water level relative to the crest level of the
dam. Additionally, the tailwater parameter, /;/(AD), is used to define the flow regimes (see
Section 5.1.2.3), where 7, is the downstream water level relative to the crest level of the dam.
Alternatively, a non-dimensional discharge parameter, ¢/\[g(AD)?], can be used.

Other alternative parameters used to evaluate the response of stones and coarse sediments,

eg in rivers and canals, are:

e the velocity parameter, U?/(2gAD) (-), used by Izbash and Khaldre (1970)
® the shear stress parameter, y (-), known as the Shields parameter (Shields, 1936), and

defined in Equation 5.97, as the ratio of the shear stress and the submerged unit weight
and characteristic sieve size of the stone:

T

_ (5.97)
(or —pw)gD

v

where 7 is the shear stress (N/m?); p, is the apparent mass density of the stones (kg/m?); D is
the sieve size (m).

The local velocity, ie the velocity near the structure or near the bed, u;, (m/s), and parameters

describing the velocity field and turbulence environment are also used in fluvial applications.
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5.2 Structural response to hydraulic loading

Parameters related to armourstone 1
The most important parameters characterising the armourstone in terms of stability are:

® the apparent mass density, p,, (kg/m?*), an intrinsic property of the rock depending on
the amount of water in the pores (see Sections 3.2 and 3.3.3)

e the mass distribution defined by Nominal Lower Limits (NLL) and Nominal Upper 2
Limits (NUL), and standard requirements on passing for different sizes (see Section
3.4.3). This controls both the median mass, My, (kg), and (together with the apparent
mass density) the nominal diameter, D,5, (m), and the gradation, Dgs/D15 , where Dgy
and D5 are the 85 per cent and 15 per cent values of the sieve curves respectively.
Examples of gradings are listed in Table 5.17 and Section 3.4.3

e the shape, characterised by eg the length-to thickness ratio or blockiness (see Section 3.4.1). 3

Rock quality and durability may affect the mass distribution during the armourstone lifetime
and consequently the stability. These aspects should therefore be studied where appropriate
(see Sections 3.3.5 and 3.6).

Table 5.17 Examples of heavy and light gradings 4
Narrow grading Wide grading Very wide grading
Dgs/Dy5 < 1.5 1.5 < Dgs/Dys < 2.5 Dgs/Dy5 > 2.5
Class Dgg/D15 Class Dgs/D15 Class Dgs/D15
15-20t 11 1-10t 2.0 10-1000 kg 4.5
10-15t * 11 1-6t 1.8 10-500 kg 3.5
6-10t* 1.2 100-1000 kg 2.0 10-300 kg 3.0
3-6t* 1.3 10-60 kg * 1.8 6
1-3t* 1.4
0.3-1t* 1.5
Note:
The gradings indicated with * are standard gradings in accordance with EN 13383 (see Section 3.4.3). 7

Parameters related to the cross-section of the structure

The structural parameters related to the cross-section of the structure can be divided into
two categories: structural parameters related to the geometry of the cross-section and
structural parameters related to the construction-induced condition of the cross-section. 8

Figure 5.30 gives an overview of the parameters related to the geometry of a breakwater
cross-section, although some of these also apply to other types of structures. These
parameters are given below and are all in (m), except where specified:

® crest freeboard, relative to still water level (SWL) R, 9
® armour crest freeboard relative to SWL R,

e difference between crown wall and armour crest d,

e armour crest level/structure height relative to the sea bed  d

e structure width B

e width of armour berm at crest B, 10
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e thickness of armour, underlayer, filter lo by U
e angle of structure front slope a (%)

e depth of the toe below SWL hy

The crest freeboard, R, , and width, B, of the structure depend greatly on the degree of
allowable overtopping. For design purposes, the estimation of the crest freeboard relative to
the still water level was described in Section 5.1.1.3. The crest width may also be influenced
by the construction methods used, eg requirement for access over the core by trucks or
crane, or by functional requirements, eg road/crown wall on the top. As a general guide for
overtopping conditions the minimum crest width should be equal to B,,;, = (3 to 4) D, 5 (see
Section 5.2.2.11). The estimation of the thickness of the armour layer, ¢,, underlayer, ¢,, and
filter layer, {;, is described in Section 3.5, where ¢ = nk,D, 5 (for definitions see the listing
below Equation 5.98).

Specific recommendations for different structure types are given in Chapters 6, 7 and 8.

Figure 5.30 Governing parameters related to the structure (breakwater) cross-section
With regard to the properties of the structure, the following parameters can be defined:

®  porosity of armour layer
e permeability of the armour layer, filter layer and core

® packing density (placement pattern) of main armour layer.

The layer (or volumetric) porosity of armourstone layers, n,, (-), is defined in Section 3.5, in
some places also called void porosity. This parameter mainly depends on the armourstone
shape and grading, and on the method of placement of the armour stones on the slope.
Further guidance on the determination of the porosity of armourstone layers is given in
Section 3.5 and Section 9.9.

The porosity of concrete armour layers, n,, (%), can be estimated with Equation 5.98:

2/3
m=|1- | M ~100=[1—i1].100 (5.98)
nk: | pe nk; Dy
where:
N = number of armour units per unit area (1/m?), see Equation 5.99
n = thickness of the armour layer expressed in number of layers of armour units (-)
k, = layer thickness coefficient (-), see Section 3.12
M = mass of concrete armour unit (kg)
o, = mass density of concrete armour unit (kg/m?)
CIRIA C683
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|24 = volume of the (concrete) armour unit (m?) 1

D, = nominal diameter of the armour unit (m), D,, = (k,)'3D, where kj is shape
coefficient and D is characteristic dimension of the concrete armour unit, ie
block height (see Section 3.12 for data).

The permeability of the structure is not defined in the standard way, as using Darcy’s law (see

Section 5.4.4.4), but is rather given as a notional index that represents the global 2
permeability of the structure, or as a ratio of stone sizes. It is an important parameter with

respect to the stability of armour layers under wave attack. The permeability depends on the

size of the filter layers and core and can for example be given by a notional permeability factor,

P. Examples of P are shown in Figure 5.39 in Section 5.2.2.2, based on the work of Van der

Meer (1988b). A simpler approach to account for the influence of the permeability on the

stability of rock-armoured slopes under wave or current attack uses the ratio of diameters of 3
core material and armour material.

A practical measure for the permeability of dams (referring to the structure rather than the
materials) under current attack is the ratio between armourstone size, D5 (m), and dam
height, d (m). This ratio, D,,5¢/d (-), sometimes also called “dam porosity”, may be interpreted

as a measure for the voids in the rockfill. 4

The packing density is a parameter directly related to the placement pattern of the armour
layer. It is a term mainly applied to blocks in armour layers; the influence of the placement
pattern on the stability of the structure is discussed in Section 5.2.2.3. Equation 5.99 gives the
expression for the estimate of the number of armour units per unit area, N (1/m?), as used in
Sections 3.5.1 and 3.12.

Ne ta(1=-ny) _ nk (1-ny)

(5.99)
2
4 DnSO

where:
N = N,/A (1/m?), where N, is the number of armour units in the area concerned (-); 6

A is the surface area of the armour layer parallel to the local slope (m?); N is

sometimes called packing density
ly = armour layer thickness (m), defined by ¢, = nk,D 5 (see also Section 3.5)
|24 = armour unit volume (m?).
NOTE: The packing density of concrete armour layers is the same as defined above in 7

Equation 5.99, with D, 5,. The packing density is then N = ¢/D, 2, where ¢ is the packing

density coefficient (-), see also Section 3.12.

The term packing densily is rather widely used in literature, denoted as ¢, when actually the
packing density coefficient, defined in Equation 5.99, is meant.

Parameters related to the response of the structure

The behaviour of the structure can be described by a number of parameters, depending on the
type of structure. Statically stable structures are described by the number of displaced units or
by the development of damage, ie differences in the cross-section before and after storms.

The damage to the rock armour layer can be given as a percentage of displaced stones
related to a certain area, eg the entire layer or part of it. The damage percentage, D (%), has
originally been defined in the Shore protection manual (CERC, 1984) as:

The normalised eroded volume in the active zone, from the middle of the crest down to

1H, below still water level (SWL). 10
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This is for example used in the no damage criterion of the Hudson formula to assess stability of

armourstone layers (see Section 5.2.2.2).

In this case, however, it is difficult to compare various structures, as the damage figures are
related to different totals for each structure. Another possibility is to describe the damage by
the erosion area around SWL. When this erosion area is related to the stone size, a non-
dimensional damage level, independent of the slope angle, length and height of the
structure, can be determined. This non-dimensional damage level parameter, S, (-), (see eg
Broderick, 1983) is defined by Equation 5.100:

Sq=4./D%, (5.100)
where 4, is the eroded area around SWL (m?).

A plot of a damaged structure is shown in Figure 5.31. The damage level takes into account
vertical settlements and displacement, but not settlements or sliding parallel to the slope. A
physical description of the damage, S, is the number of squares with a side of D, that fit
into the eroded area, or the number of cubic stones with a side of D, 5, eroded within a D,
wide strip of the structure. The actual number of stones eroded within this strip can differ
from S,, depending on the porosity, the grading of the armour stones and the shape of the
stones. Generally the actual number of stones eroded in a D, 5, wide strip is smaller than the
value of S; (up to 0.7 S,), because of the description given above.

i — M T 2
— 1y ] Wl i
'l
I... : -.-
rE = = -
X -'_.-"'- =
= " £ —r
o
= —_
o= -
e e
o o
| u" o
I A
o= e
# Eramly A
#
-

Figure 5.31 Damage level parameter S (-) based on erosion area A, (m?)

The limits of S; with regard to the stability of the armour layer depend mainly on the slope
angle of the structure. The different damage levels (eg start of damage, intermediate
damage, and failure) of a rock armoured structure are described in Section 5.2.2.2. A more
detailed way to quantify the damage is introduced by Melby and Kobayashi (1999). They use
parameters that describe the shape of the eroded hole.

The damage parameter S is less suitable in the case of complex types of concrete armour
units, due to the difficulty in defining a surface profile. The damage in this case can be
expressed in the form of a number of displaced units, N, (-), or in the form of a damage
percentage, N, (%). The damage number, N, , ie the number of displaced units within a
strip of width D,, , is defined by Equation 5.101:

number of units displaced out of armour layer
width of tested section/ D,

Nog = (5.101)
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The damage percentage (or relative displacement within an area), N, , is determined by 1
Equation 5.102, relating the number of displaced units to the total number of units initially
in the armour layer.

_ numberof unitsdisplaced out of armour layer

. (5.102)
total number of units within reference area
The reference area has to be defined, either as the complete armour area, or as the area 2
between two levels, eg from the crest down to 1H, below SWL (m), over a certain width (m).
For design purposes, both the damage percentage and the number of displaced units for
different types of armour units are further discussed in Section 5.2.2.3.

Dynamically stable structures allow for a certain initial movement of armour stones until the

transport capacity along the profile is reduced to such a low level that an almost stable profile 3
is reached. Dynamically stable structures are characterised by a design profile, to be reached

after a certain adaptation period, rather than by the as-built geometry. This type of structure

is described in Section 5.2.2.6.

5213 Critical shear concept

The traditional design method for the hydraulic stability of rockfill is based on the incipient
motion or critical shear concept. For unidirectional steady flow the initial instability of bed
material particles on a horizontal, plane bed is described by the Shields criterion (Shields, 1936),

based on the general Shields parameter as defined in Equation 5.97.

This criterion essentially expresses the critical value of the ratio of the de-stabilising fluid
forces (that tend to move the particle) to the stabilising forces acting on a particle. The forces
that tend to move the bed material particle are related to the maximum shear stress exerted

on the bed by the moving fluid; the stabilising forces are related to the submerged weight of
the particle. When the ratio of the two forces, represented by the Shields parameter, v,
exceeds a critical value, y,,, movement is initiated. The Shields criterion for steady uniform
flow is expressed in the Equations 5.103 and 5.104. The Shields curve is given in Figure 5.32. 6
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1 v is the Shields parameter defined in Equation 5.97.

2 Dx is the non-dimensional sediment grain or stone diameter, defined in Equation 5.106.

Figure 5.32 The modified Shields diagram for steady flow 10
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Equation 5.103 gives Shields parameter, vy, (-), as a function of the critical value of the shear
velocity, ux,, and the structural parameters.

2
Ter Uscr

v, = = = £(Res) (5.103)
“ (p—py)gD  AgD

Equation 5.104 gives the Shields parameter as a function of the depth-averaged critical

velocity, U,, (m/s):

_ LU,
Ve = 2 AD (5.104)
where:
Ty = critical value of bed shear stress induced by the fluid at which the stones first
begin to move (N/m?)
oy = apparent mass density of the armourstone pieces (kg/m?)
Pu = mass density of seawater (kg/m?)
D = sieve size of stone (m); the median sieve size, Dy, is often taken as
characteristic value (m)
Wy = critical value of the shear velocity, defined generally as ux = \/(‘L'/pw) (m/s)
v = kinematic fluid viscosity (m?¥s)
C = Chézy friction coefficient, see Equations 4.131 to 4.133 (m!/%/s)
Re: = Reynolds number, based on shear velocity (Rex = ux., D/v) (-)
A = relative buoyant density of the stones (-).

Although Shields assumed that there was a clear boundary between no displacement and
displacement, this boundary is not so clearly defined due to the stochastic character of bed
shear stress, stone size and protrusion (see eg Paintal, 1971); the value of y,, may even be as
small as 0.02. From extensive laboratory tests, Breusers and Schukking (1971) found that also
for high Reynolds numbers displacement of some stones begins to occur at v, = 0.03 and
that in fact a range of y,, = 0.03 to 0.07 applies. As a preliminary estimate of the percentage
of stones displaced after one hour of current attack, Paintal’s method suggests an increase of
three orders of magnitude when comparing loadings of v = 0.02 and y = 0.04. It should be
realised that this still concerns small, initial transport rates only.

Initial transport of armour stones may require a probabilistic analysis (Section 2.3.2) for

assessment of damage and maintenance (Section 10.1).

Because of the uncertainty about the exact value of the critical shear stress, it is
recommended that for the design of armourstone layers and rockfill the following be

assumed:

e y, = 0.03-0.035 for the point at which stones first begin to move

e vy, = 0.05-0.055 for limited movement.

To optimise the design, probabilistic methods (Section 2.3) and/or the acceptance of certain
damage or scour (see the introduction of Section 5.2) may be applied to deal with the

uncertainty of v, .

If some damage is acceptable, the problem of defining the appropriate value of y,, can be
avoided by running a series of model tests. In these tests the damage curve (Section 2.2.3)
should be established. This allows the definition of the design loading corresponding to the
accepted damage level and in fact makes the problem of y,, irrelevant. This approach is
known as the critical scour method (De Groot e al, 1988) and allows displacement (rock) or
scour (sand, gravel) up to a certain level.
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For given grain and stone sieve sizes, Dy, values for y,, can be approximated with a set of 1
formulae, where v, is given as a function of a non-dimensional grain size, D« (-). Equation
5.115 gives the general form of this approximation:

W, = ADE (5.105)

where 4 and B are coefficients (-) (see Table 5.18); D+ is the non-dimensional grain size (-), 2
which can be determined using Equation 5.106:

D,= D50(gA/v2)1/3 (5.106)

where v is the kinematic viscosity of water (m?s); D5 is the median sieve size (m); the
kinematic viscosity of water with a temperature of 20 °Cis v = 1.0 x 10-6 m¥s. 3

The coefficients, A and B (-), of the approximation given above as Equation 5.105, are listed
in Table 5.18. Values for 4 differ depending on whether y,, = 0.03 or y,, = 0.055 is chosen

as a reference.

Table 5.18 Coefficients A and B in approximation for vy, (Equation 5.105) 4
Range of D« (-) B A (y, = 0.03) A (y,, = 0.055)
1<D.<4 -1 0.12 0.24
4<D.<10 -0.64 0.07 0.14
10 < D« < 20 -0.1 0.02 0.04
20 < D« < 150 0.29 0.007 0.013
D« > 150 0 0.03 0.055

Note

The values of the coefficients are valid for stones with A = 1.6.

The Shields criterion for initial motion was initially established for unidirectional steady flows

over a horizontal bed. In the next section, the current-induced shear stress, 7,, acting on the

bed is described for unidirectional flow. For the cases of oscillatory flow, combined 7
unidirectional and oscillatory flow, sloped structures or excessive turbulence, several factors

(eg friction factor, turbulence factor) are necessary to apply the Shields criterion. These cases

and the necessary factors are also described below and discussed further in Section 5.2.3,

where the various design formulae are presented.

Unidirectional flow 8

In steady flow, the current-induced shear stress, 7, (N/m?), acting on the bed can be

calculated using Equation 5.107, based on Chézy’s roughness equation:

U2
TeT P8 g (5.107)
where: U is the depth-averaged current velocity (m/s) and C is the Chézy coefficient (m!/%/s). 9

When the bed is hydraulically rough (usx k/v > 70; see also Equation 4.150) the value of C
depends only on the water depth, 4 (m), and the bed roughness, k; (m) (see Equation 4.132).

Since the roughness, k, is a governing factor in the Chézy coefficient, C, and subsequently in

the value of y, a proper assessment of its value should be made using the guidance given in

Section 4.3.2.3 for sediments, gravel and armourstone. For rip-rap alternative values for the 10
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hydraulic roughness apply (see Section 5.2.3.1). Using Equation 5.97, r, , can be written in a
non-dimensional form, vy, to be compared with the critical (design) value, v, . In Section
4.3.2.3 a slightly modified formula, Equation 4.133, which in fact implies the introduction of
an additional water depth of k/12, is also discussed. This modification is particularly useful

for small relative water depths, A/k; (-).

NOTE: The friction factor for currents, generally defined as f, = 7, /(1/2 p,, U?), can be
directly combined with Equation 5.107, leading to: f, = 2g/C?, also known as the friction
factor for currents. Alternatively, the well known Darcy-Weissbach friction factor, f, then
reads: f = 4 f, = 8g/C2.

Oscillatory flow

The Shields criterion for initial motion has been established from experimental observations
for unidirectional steady flow. For slowly varying flows, such as tidal flows in limited water
depths, the flow may be reasonably regarded as quasi-steady. For shorter-period oscillations,
such as wind or swell waves, having a period of 5 s to 20 s, the above quasi-steady approach is
no longer justified. Various investigators have addressed the phenomenon of initial motion
under wave action. Madsen and Grant (1975) and Komar and Miller (1975) showed,
independently, that the results obtained for the initial motion in unsteady flow were in
reasonable agreement with Shields curve for unidirectional flow if the shear stress was
calculated by introducing the concept of the wave friction factor according to Jonsson (1967).
Equation 5.108 gives the relationship between this maximum shear stress under oscillatory
flow, T, (N/m?), and the relevant hydraulic parameters.

Fu= 2 P (5.108)
where f,, is the friction factor (-) and u, is the peak orbital velocity near the bed (m/s?), which

may be determined, as a first approximation, by linear wave theory (Equation 4.49).

Soulsby (1997) proposed Equation 5.109 as the empirical relationship for the rough bed
friction factor, f,,, applicable for rough turbulent flow. Swart (1977) suggested a constant
value of f,, = 0.3 for values of the ratio of ¢, and z, lower than a,/z; = 19.1.

-0.52
fo= 1.39(“—”) for a, > 19.1 z, (5.109)
20
where z, (m) is the bed roughness length, the reference level near the bed (m), defined as the
level at which u(z=z) = 0 (see Section 4.3.2.4), and a, (m) is the amplitude of horizontal
orbital wave motion at the bed, defined by Equation 5.110 (based on linear wave theory).

ap=u,T/2m (5.110)
Equation 5.117 can be rewritten using zo = k, /30 ( see Section 4.3.2.4) as Equation 5.111:

-0.52

W=O.237(Z—0) for a, > 0.636 k (5.111)
A

For the incipient motion of coarse material in oscillatory flow the Shields criterion for the

initiation of motion can be applied when the Shields parameter is taken as y,, = 0.056 and

the maximum critical shear stress, (N/m?), is evaluated according to Jonsson’s wave friction

concept, Equation 5.108.
Where the critical shear stress is based on the average shear stress under oscillatory flow

{ ‘FWJ = 1/2 7,), the Shields parameter should have a value of y,, = 0.03, to agree with the
results of Rance and Warren (1968).
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5.2 Structural response to hydraulic loading

Combined unidirectional and oscillatory flow 1

Literature suggests that for combined waves and steady current the effective shear stress for

initial motion should be taken as the sum of the oscillatory and steady components of the

shear stress. A formulation for the resulting bed shear stress due to combined waves and

currents, which is widely applied in engineering practice, was proposed by Bijker (1967).

Further background information on this approach can be found in Sleath (1984), Herbich et 2
al (1984) and Van der Velden (1990). According to Bijker the resulting shear stress, 7., , can

be found by vectorial summation of the shear velocities of waves and currents. Based on the
time-averaged shear stress for waves and steady current under any angle, Equation 5.112 can

be applied to evaluate the combined mean effective shear stress,t_ , with regard to the initial

motion condition, for comparison with the critical values, y,,:
Tew =Te +%-fw for 7¢>0.47, (5.112)

where Equations 5.107 and 5.108 should be used for calculating 7, and 7,, , respectively. As
mentioned before, for the determination of the required stable grain size, Dy , the Shields

parameter should have a value of y,, = 0.03 to agree with the results of Rance and Warren

(1968). 4

Equation 5.113 gives the relationship between the amplification factor of the bed shear
stress, k,, , as a result of waves superimposed upon a current, and the roughness and
hydraulic parameters, the latter written in terms of the velocity ratio, u,/U (-).

Uo

1. C(u Y
kw:1+EfWZ(UJ (5.113)

NOTE: The above approach should not be applied in the case of relatively strong waves in

combination with a weak current (ie 7,, > 2.57,) as Equation 5.113 will lead to unrealistically
high values of the amplification factor, k,, . In that case the more general, but slightly more
complex concept developed by Soulsby et al (1993) is recommended. A practical summary
can be found in Soulsby (1997). 6

Structure slope

The foregoing considerations were derived for a horizontal bed. Along the slope of a rockfill
embankment only a part of the gravity force provides a stabilising force. If the slope of the

embankment is equal to the angle of repose of the submerged granular material, ¢ (°), the 7
stabilising force may even reduce to zero. Information on the angle of repose is given in Box

5.9. The slope reduction (or stabilisation) factor, kg , of the critical shear stress for granular

material on a bed sloping at angle 8 with the horizontal, in a flow making an angle, vy, to the

upslope direction (see Figure 5.33 for the definition of angles) has been defined by Soulsby

(1997). Equation 5.114 gives the relationship between this reduction factor and the various

structural parameters, defined by the angle of repose, ¢, and the angles f and y (deg). 8

__cosysin 8 + \/cos2 ,Btanng -sinzl//sinzﬂ

k
sl tang

(5.114)

where y is the angle made by the flow to the upslope direction (°); f is the angle of the
sloping embankment with the horizontal (°) (see Figure 5.33).

If the flow is down the slope (y = 180°), Equation 5.114 reduces to Equation 5.115:

Ky =k =Sn0-F) (5.115)
sin(¢9)
Generally, ¢ is much greater than 8 and the reduction factor of the critical shear stress for a
slope in the current direction can be neglected (kg = 1). 10
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If the flow is directed along the side slope (y = * 90°), Equation 5.114 reduces to Equation
5.116:

kg = kg = cosB, |1 tanﬂ (5.116)
tan¢

NOTE: In the case of flow along an embankment, ie along the side slope (v = 90°), the side
slope angle f3 is often also denoted as a.

_-—-_-.
_va:ﬁ#

b

- e

'-.__:.-'"' O
W

Figure 5.33 Definition of slope angles

Box 5.9 Internal friction angle versus angle of repose

The internal friction angle, ¢’, is used in geo-mechanics. However, in the models mentioned above, eg
Equation 5.115, the term angle of repose, denoted as ¢, is used. The angle of repose is not a typical
material property such as the internal friction angle, which depends on the effective stress level. The angle
of repose, ¢, is generally defined as the steepest inclination a heap of material can have without loss of
stability of the slope, without any external loading. The value of the angle of repose can be equal to or
larger than the internal friction angle. There is an empirical relationship between these two parameters,
as the internal friction angle decreases with increasing effective stress, ¢’: 7, = ¢ + o’ tang’, where 7, is
the critical shear stress and c is the cohesion; for further details see Section 5.4.4.5; so for a large heap
of (armour) stone without external loading the friction angle equals the angle of repose.

Typical values of the angle of repose, ¢ , are: 3:2 up to 1:1, ie 30 to 35 degrees for coarse sand to 45
degrees for angular material.

In the case of water overflow and wave attack perpendicular to a slope, a slope factor
comparable with k; in Equation 5.116, but specifically valid for run-up and run-down
conditions, applies. Equations 5.117 and 5.118 give the definition of these specific factors, k,
and k,/, respectively.

(5.117)

run-up k, =coso (1- f tana )

run-down ki = cosa (5.118)

where a is the structure slope (°) and f is friction factor (-); for rip-rap and armourstone f can
be approximated by tana.

The reductions given above also apply to critical velocities (see Section 5.2.1.4). However, as
shear stress, 7, is proportional to U?, the square root of the values resulting from the given
formulae and figures should be used for the application to critical velocities.

Excessive turbulence

A phenomenon that may (locally) have a considerable impact on the stability is turbulence
(Section 4.2.5.8). The actual increase in the effective instantaneous velocities causes an
apparent reduction of y,,. The stability formulae are mainly based upon laboratory tests and
for application to prototype it is usually implicitly assumed that turbulence levels, » (depth-
averaged relative fluctuation intensity due to turbulence), correspond in laboratory and in
prototype. Excessive turbulence levels, eg in excess of r = 10 to 15 per cent, may occur due

to particular interactions of flow and structures as listed in Section 4.2.5.8.
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5.2 Structural response to hydraulic loading

As a rule of thumb for preliminary design, the effect of turbulence (Section 4.2.5.8) may be 1
accounted for by using a turbulence factor, k, (assuming » = 0.1 to 0.15 or 10 to 15 per cent

for normal turbulence). Equation 5.119 gives the relationship between this factor and the

relative intensity of turbulence, r (-).

1+3r
k, = 5.119
13 ( )
This turbulence amplification factor, %, , is applied to velocities, U, and as such k; may lead to 2

a significant increase in the necessary stone size. For example, if » = 0.3 (or 30 per cent), k, =
1.4 or k2 = 2, and the stone size increases with a factor of 2, since the stone size, D, required
for stability, is a function of (k, U)? (see Section 5.2.3.1).

Further considerations 3

Non-uniform flow conditions caused by local flow contraction, for example due to elevations
of an embankment above the surrounding sea or river bed or due to transitions in the

structure, may also influence the stability of stone layers. In such situations, the actual shear
stress due to acceleration of the flow acting on the bed may reach a much higher value than

the shear stress in uniform flow conditions. 4

In addition to the general approach given in this section, alternative relationships that
specifically apply to banks and rockfill dams, are given in Section 5.2.3.5.

5214 Critical or permissible velocity method

According to the permissible velocity method, with either U?%/(2gDA) as criterion or simply the
flow velocity, U, the initiation of motion of material occurs when the critical or permissible

velocity is exceeded. The stability criteria based on velocities have the advantage of simplicity.
Selection of a proper representative velocity, however, is essential to guarantee reliable
application of these criteria. Usually, the depth-averaged flow velocity, U (m/s), is applied.
This is rather convenient for design purposes, although the velocity conditions at the bed are
governing for incipient motion and erosion. In Table 5.19, typical values of critical velocities, 6
U, (m/s), are presented for non-cohesive materials in the case of a water depth, 2 = 1.0 m.

The critical velocities, U, (m/s), for water depths in the range of # = 0.3 to 3 m, can be

obtained multiplying the critical velocities given in Table 5.19 by the correction factors, Kj,

given in Table 5.20.

Table 5.19 Critical depth-averaged velocities, U4, for loose granular 7
material in water depth of 1 m

Material Sieve size Critical velocity
ateria D (mm) Uy (m/s)forh=1m
Very coarse gravel 200-150 39-33
y g 150-100 3.3-2.7
100-75 2.7-2.4 8
75-50 2.4-1.9
Coarse gravel 50-25 1.9-1.4
g 25-15 1.4-1.2
15-10 1.2-1.0
10-5 1.0-0.8
Gravel 5-2 0.8-0.6
Coarse sand 2-0.5 0.6-0.4 9
Fine sand 0.5-0.1 0.4-0.25
Very fine sand 0.1-0.02 0.25-0.20
Silt 0.02-0.002 0.20-0.15

10
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Table 5.20 Velocity correction factors, K4, for water depths (h # 1 m) in the range of h = 0.3-3 m

Depth, h (m) 0.3 0.6 1.0 1.5 2.0 2.5 3.0

Ky () 0.8 0.9 1.0 1.1 1.15 1.20 1.25

Particularly for structures of limited length in the flow direction such as dams and sills, the
vertical velocity profile is not fully developed (as was assumed in Section 4.3.2.4). Thus shear
methods can be considered as a means to — but are in fact one step ahead of — the use of
velocity correction factors. Use of local velocities by including a velocity factor is discussed in
Section 5.2.1.8 and Section 5.2.3.

An example of a velocity-type stability criterion is given in Box 5.10.

Box 5.10 Velocity-type stability criterion for stones on a sill

A well-known example of a velocity-type stability criterion was presented by Izbash and Khaldre (1970).
Their empirically-derived formulae for exposed and embedded stones on a sill are given as Equations
5.120 and 5.121 respectively.

NOTE: Izbash and Khaldre (1970) defined u,, as the critical velocity for stone movement (m/s), which can
be interpreted as the velocity near the stones and not as the depth-averaged flow velocity, U (m/s).

2
Exposed stones: /2 0.7 (5.120)
ADy,
%,
Embedded stones: M =14 (5.121)
ADs,

where Dy is the median sieve size (m).

Range of validity: Equations 5.120 and 5.121 as developed by Izbash and Khaldre (1970) are valid for
relative water depths, h/D, in the range of h/D = 5 to 10.

Another (quasi-) velocity method implies an assumption of a critical shear stress, y,,, and
then a transfer of this critical shear stress into a critical velocity. The method is based on

logarithmic fully-developed velocity profiles (Section 4.3.2.4) and is discussed in Section

5.2.1.8.

In the complicated case of a non-fully developed velocity profile, the local maximum near-
bed velocity has to be measured (or otherwise estimated by assuming a reasonable velocity
profile, Section 4.3.2.4). This velocity is then substituted into Equations 5.104 and 5.133.

Application of correction factors

All correction factors introduced in this section and in Section 5.2.1.3, except for k,, originally

refer to shear stresses, 7 or y. The turbulence factor, %, refers to velocities, U.

The resistance of a bed is represented by shear stress, 7,, or y,,, or velocity, U,,, while the

actual loading is expressed as 7 or y (shear stress) or U (velocity).

The general relationship between shear stress and velocity can be written as: U oc\7 or as: 7 oc
U?. Therefore, in some stability formulae (see Section 5.2.3.1), the k-factors appear in

principle in the combinations kz, ky or N(kU), except for k,, which appears as k?27, k2y or k,U.

NOTE: With regard to the remaining hydraulic parameters that may be applied in a stability
analysis (H and ¢, described at the beginning of this Section 5.2.1), it should be noted that
H oc U? and g o« U. Consequently, correction factors, k, should be applied accordingly: for the
resistance (slope) reduction factors, eg kg , applied to any hydraulic design parameter, for

example 7, or U,?, generally k; < 1, whereas for the load amplification factors (k,, k), k > 1.
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5215 Critical wave height method 1

Stability analyses of structures under wave attack are commonly based on the stability
number, N; = H/(AD) in which H and D are a characteristic wave height and stone size
respectively. Non-exceedance of the threshold of instability, or the acceptance of a certain
degree of damage, can be expressed in the general form of Equation 5.122 (USACE, 2003):

N, =T < kokbks.. (5.122)
AD,s0

where the factors K2 etc depend on all the other parameters influencing the stability (see
Section 5.2.1.2).

The right-hand side of Equation 5.122 has been widely explored (eg Iribarren, Hudson etc), 3
and as a result, several empirical relationships have been derived to describe the structural

interactions (ie the balance of the forces that act on armourstone on the front slope of rock

structures) in terms of this stability number. For other structure parts comprising

armourstone, stability formulae have also been derived that are based on the basic Equation

5.122. For some specific structure parts, the stability is instead evaluated using a mobility

parameter, 0 = u?(gAD,;.), based on the orbital velocity; this approach for near-bed 4
structures is directly comparable with the critical velocity concept, discussed in Section

5.2.1.4. These empirical relationships are all discussed in Section 5.2.2.

5216 Critical head or height of overtopping

Stability analyses based upon a critical head difference, for example H — %, (see Figure 5.21
in Section 5.1.2.3), or height of overtopping, H, have the advantage of being easily obtained
from laboratory tests, since the measurement of H and/or h;, is relatively simple. H represents

a head (difference) or height of overtopping, usually measured relative to a clearly defined
level on the structure. The head concept, with H/(AD) as the stability number, is often used in
this sense to assess the stability of dams, sills and weirs for which the crest level is the
reference level. The original relationships for U and/or ¢ can be transferred into an H- 6
criterion. The empirical formulae used for the evaluation of the stability of dams are given in

Section 5.2.3.5.

5217 Critical discharge method

The use of a discharge concept, with ¢/V[g(AD)?] as stability number, is particularly useful 7
when making a stability analysis of dams with a considerable discharge component through

the structure and when conditions with high dam flow are expected. Transfer into an

equivalent g-criterion may be done from mainly U and H-criteria. Various empirical formulae

are given in Section 5.2.3.5 for the evaluation of the stability of dams.
5218 Transfer relationships 8

When there is doubt in the reliability of the result obtained with a specific method, a

comparison of different methods or a check for the consistency of the answers given with

such methods with regard to stability may be required. This applies specifically to the vertical

closures (see Section 5.2.3.5). For the same reasons, an evaluation of available — but differing

— data sets on stability may be made. Thus, a range for the uncertainty in critical stability may 9
be quantified. In such cases, a value for the critical velocity, U,, (m/s), may have to be

transfered into a critical shear stress, y,, (-). The most important transfer functions are given

below.

10
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Velocity and bed shear stress

The transfer of a (critical) bed shear stress, 7,
U

C

or Shields number, y,,, into a (critical) velocity,
» or Izbash number, U,,2%/(2gAD5), and vice versa is given by Equations 5.103 (for y,,) and
5.107 (for 7,,), reproduced again here as Equation 5.123, in a slightly different form.

U g U2

=——Y¢r Or

_ 2 (5.123)
ADsy  2g ADs Yer

where Dy, is the median sieve size (m) and C is the Chézy coefficient (m1/%/s).
Velocity profile or depth factor and friction factor

The factor C%2g in Equation 5.123 describes the influence of the relative water depth, //Ds,.
By referring to Equation 4.132 and the description of the vertical velocity profile given in
Section 4.3.2.4, this factor can be defined as a depth or velocity profile factor: Aj,. The
inverse, 1/A;, is also known as the general friction factor for currents, f, = 2g/C? (see Section
5.2.1.3). The velocity criterion can then be expressed as in Equation 5.124.

U?)2g 1
2126 Ay =— 5.124
ADso Y e 7 Yer ( )

Writing C in terms of the roughness, k,, and using Equation 4.132 gives Equation 5.125 as the
relationship between the depth factor and the bed roughness, k; (m), and water depth, 2 (m).

1 182 ,(12h
Ay = 187 o2 12k 5.125
fo 2 ¢ [ks ) ( )

For small relative water depths, /k (), using Equation 4.133 instead, the expression for A,
can be modified to A, = (182%/2g) log?(1 + 12h/k,).

Subsequently, a relationship between the roughness factor, k; (m), and the grain or stone sieve
size can be introduced (Section 4.3.2.3). A reasonable approximation for sediments and
gravel (not for armourstone, see Note below) is k, = 2Dq, or = 4Dj, which after substitution
into Equation 5.125 leads to Equation 5.126 as the expression for the depth factor, A, (-).

2
Ah:&logz 3h (5.126)
2g Ds

NOTE: The approximation given above for kg (m) is not valid for rip-rap and armourstone.
Depending on the situation (see Section 5.2.3.1) the roughness k; = 1 to 3D,,5 (m).

In fact, by substituting values for A, and y,,, Equation 5.124 is used as a velocity criterion.
Substituting a value for y,, means that y,, is assigned the role of a damage parameter (see
Section 5.2.1.2).

Wave height and orbital velocity
For the transfer of a critical wave height, H, into a critical velocity or vice versa, a general

transfer function is given by Equation 5.127, where the orbital velocity, u, (m/s), is defined in
Equation 4.49.

% - %SDAW% (5.127)
where:
H = the characteristic wave height (m)
S, = fictitious wave steepness, s, = 2nH/(gT?)
A, = depth factor for waves (-), which according to linear wave theory is defined

by Equation 5.128.
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5.2 Structural response to hydraulic loading
AF/sinhz[zL”h) (5.128) 1

where L is the local wavelength (m) (see Section 4.2.2).

Overview of stability concepts

Figure 5.34 shows an outline of the stability concepts with the various criteria to be followed 2
together with the dedicated stability parameters and their associated fields of application.

HI(AD) = 1-5:  general for armourstone/
concrete armour units
HI(AD) = 2-3:  specific (ship-induced
waves) 3
Wave height (dimensionless): H/(AD) | > Section: 5.2.1.5 Critical wave
height method
Applications: seawalls, dams,
breakwaters,
bank protection
HI(AD) = 0-20: general, depending on
water depth 4
Amplification and reduction Hi(aD) = 2-3:  through-flow
Height of overtopping Load amplification factors (k > 1) - Section: 5.2.1.6 Critical head or
af ionless): H/(AD Stone size can be determined in terms of AD L height of overtopping
(dimensionless): H/(AD) A L )
using strength parameters as u, v, H or q. Load Applications:  dams, sills
amplification factors operate as follows:
AD = k* loading parameter
N strength parameter v =0.03: initial movement
loading factor |multiply with: y =0.05: limited movement
additional waves Ky vy, 1,4 H v =0.10: general movement/
excessive turbulence  |k; u, Ny, Nz, q, VH transport
velocity or K-factor K u Section: 5.2.1.3 Critical shear
: - combined factor 17K |u? / concept
Shear stress (dimensionless): y |\ - .
N K- Jk— ) Applications: bed protection, dams,
~ = KN and K=k k ~ sills, bank protection
A . outlets, spillways
Strength reduction factors (k <1
Stone size can be determined in terms of AD using
strength param,eters Such as Us, Yor Her OF Ger u?/(2gAD) = 0.7: exposed stones on sill
Strength reduction factors operate as follows:
. u?/(2gAD) = 1.4: embedded stones
AD = loading parameter
kx strength parameter Section: 5.2.1.4 Critical or
|Ve|00ity (dimensionless): u*/(2gAD) |~ loading factor multiply with: rd per{:s;lble velocity
= > metho
slope ks oy n @ H Applications: bed protection, dams, 7
Sections: 5.2.1.3 Critical shear concept bank protection, sills,
5.2.1.9 General design outlets, spillways
formulae
Ky Equation 5.113
K, Equation 5.119
t quation GN(g(AD)?) = 0=30; depending on
Kg Equation 5.114 water depth
gh(g(AD)y?) = 0.5-1.5: through-flow
Discharge (dimensionless): > (Section: 5.2.1.7 Critical 8
gN(g(aD)?) discharge method
Applications: high dams, rear
slope of seawalls
U, =3-4m/s: D=0.1-0.2m
Ug=1-3m/s: D=0.01-0.1 m
Y Section: 5.2.1.4 Critical or 9
Velocity: U, I > permissible velocity
method
Applications: bank and/or bed
protection,
scour assessment
Figure 5.34 Stability concepts, amplification and reduction factors and stability parameters 10
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General design formulae

In the previous sections it was shown that transfer of the Izbash parameter into the Shields
parameter leads to a velocity criterion with y,, as a damage parameter. Thus, the basic
stability formula of Equation 5.124, which is valid for uniform currents with “normal”
turbulence above a horizontal bed, was obtained. The addition of the various correction
factors introduced and discussed in Section 5.2.1.3 gives Equation 5.129 as the generally

applicable formula for the critical depth-averaged velocity, U.

%/;g = kg k2K Ay, (5.129)
where:

D = characteristic size of the stone, either the sieve size, D (m), or the nominal
diameter, D, (m), which is specified in the respective design formula (see
Section 5.2.3)

ky = slope reduction factor (-); k; < 1 (see Section 5.2.1.3)

Ay, = depth or velocity profile factor (-) (see Section 5.2.1.8); in hydraulic
engineering practice a logarithmic velocity distribution is commonly used;
other types of velocity distributions can be found in Section 5.2.3.1

k, = turbulence amplification factor (-); k, > 1 (see Section 5.2.1.3)

k., = wave-amplification factor (-); k,, > 1 (see Section 5.2.1.3), limited to: 7, < 2.57, .

It should be noted that since k; is a resistance reduction factor, then k; < 1, whereas k; > 1

and k,, > 1, because these are load amplification factors.
Combining the amplification factors into one factor K’ = k! k2, Equation 5.129 can be
rewritten in Equation 5.130 as the expression for the critical depth-averaged velocity, U.

U?)2g
AD

= kyK' A (5.130)

A similar formulation can be chosen, based on the idea that the stability is determined by a local
effective velocily defined as KU, rather than by the depth-averaged velocity U. Then K = k, k,, is
the overall velocity- amplification or “K-factor”. Equation 5.131 gives the relationship between
such local effective velocity and the structural parameters together with the various factors.

(KU)* J2¢

D sV or (5.181)

The overall factors K" or K in the Equations 5.130 and 5.131, respectively (note that K' =
1/K?) can be practically obtained from model tests. An example for the design of a bed
protection is presented in Section 7.2.6. However, such test results give no information on
the individual k-factors. These may be assessed using the formulae given in Section 5.2.1.3.
In the case of a horizontal bed (k; = 1) and the absence of waves (k, = 1), any value of K
obtained from model tests can only be the result of local deviations from the velocity profile
(described by A;) and unusual turbulence (r # 0.1). For specific conditions, where deviations
from the usual velocity profiles can be expected, values of K should at least be verified by
model tests. With regard to the factors K and A, two notes should be made:

e the use of the above K-factor to define KU as a local effective velocity, is similar to the use
of the scour parameter, a, to relate the scour process to a local scour velocity, as generally

used in literature on scour, see eg Hoffmans and Verheij (1997).

e given that A, =1/f, and disregarding the various correction factors, k, the threshold
value of the Izbash parameter (U%2gAD) will generally be of the order v,,/f,, the ratio of
the Shields parameter and the actual friction factor.
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In Equations 5.130 and 5.131 y,, can be used as a damage parameter with y,, = 0.03-0.035
representing no damage or no movement, and y,, = 0.05-0.055 representing some movement
(see Section 5.2.1.3).

A variety of stability formulae can be derived from one of the above concepts for special
applications such as riverbanks and dams. Some examples of these specific stability
relationships valid for banks and rockfill dams are given in Section 5.2.3.

Structural response related to waves

The hydraulic response and the hydraulic parameters related to waves are described in
Section 5.1.1. This section describes the response of the structure under hydraulic loads,
covering the definition of the structural parameters related to waves and providing the
corresponding tools necessary for the design.

The guidelines given in this section allow for the design of many structure types.
Nevertheless, it should be remembered that each design rule has its limitations. Whenever an
important and expensive structure is planned, it is advised to perform physical model studies
to verify the design and/or to assess its reliability (see Section 5.3).

Figure 5.35 shows the cross-section of a typical breakwater structure, including the various
parts of the structure that will be described in the following sections.

Other sections

5224
5.2.2.5 - Near-bed structures

5.2.2.6 - Reshaping structures

5.2.2.7 - Composite systems

5.2.2.8 - Stepped and composite slopes
5.2.2.13 - Breakwater roundheads

Low-crested (and submerged) structures Crown element
(section 5.2.2.12)

——

Armour layers
(Section 5.2.2.2 and 5.2.2.3)

T =

ear-side stability

Toe and scour protection (Section 5.2.2.11)

(Section 5.2.2.9) SO

Filters and underlayers (Section 5.2.2.10)

Figure 5.35 Structure components covered in this Section 5.2.2

Elements of rock structures for which the structural response under waves should be
analysed include:

e armour layer at seaward side, crest, rear-side and breakwater head

e front side toe stability and (need for) scour protection

e filter layers, core material and geotextiles

e crown wall.

In this section design guidelines are given for the armour layers, the toe, filter layers and
crown walls. In addition, three-dimensional aspects at breakwater heads are discussed.

Further details regarding specific marine structures are given in Chapter 6.

Apart from the parts of hydraulic rock structures illustrated in Figure 5.35, composite
systems - gabions and grouted stone - are discussed in Section 5.2.2.7.
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Structure classification

Coastal structures exposed to direct wave attack can be classified by means of the stability
number, N; = H/(AD) (see Section 5.2.1.2). Small values of N, represent structures with large
armour units and large values of N; represent for example dynamic slopes consisting of

coarse armourstone, both exposed to the same wave height.

With respect to static and dynamic stability the structures can be classified as statically stable
structures and dynamically stable (reshaping) structures:

Statically stable structures are structures where no or minor damage to the armour layer is
allowed under design conditions. Damage to the armour layer is defined as displacement of
the armour units. The mass of individual units must be large enough to withstand the wave
forces during design conditions. Traditionally designed breakwaters belong to the group of
statically stable structures. Statically stable structures have stability numbers N in the range of
1 to 4.

Dynamically stable (reshaping) structures are structures that are allowed to be reshaped by
wave attack, resulting in a development of their profile. Individual pieces (stones or gravel)
are displaced by wave action until the transport capacity along the profile is reduced to such
a low level that an almost static profile is reached. Even if material around the still water level
is continuously moving during each run-up and run-down of the waves, the net transport
capacity may be zero as the profile has reached its equilibrium. The dynamic stability of a
structure is characterised by a design profile. Dynamically stable structures have stability
numbers N, greater than 6. For these structures, which cover a wide range of H/(AD, 5,) —
values, the dynamic profile can be described using a parameter that combines the effects of
both wave height and wave period. This parameter, defined in Equation 5.132, is the
dynamic stability number, HoTo , with Ho being an alternative notation of the (static) stability
number N, = H/(AD,5,) and 7o being the wave period factor: T,N(g/D,50) (-)-

HoTo=N,T,\[(g/D,y) (5.132)
where 7, is the mean wave period (s).

The relationship between Hy/(AD,,5,) and the dynamic stability number Ho7o (sometimes
“Ny,” is used as notation) is listed in Table 5.21.

Table 5.21 Relationship between static and dynamic stability number

Structure type Ns = H/(AD,,50) HoTo

Statically stable breakwaters 1-4 <100

Dynamic/reshaping breakwaters 3-6 100-200

Dynamic rock slopes 6-20 200-1500

Gravel beaches 15-500 1000-200 000
Note

Gravel beaches are not discussed in this manual, but the data are given here for information.

This manual focuses on rock-armoured breakwaters and slopes, and berm-type breakwaters,
with stability numbers in the range of N; = 1 to 20. For a final stability analysis to distinguish,
for example, the static and dynamic stability, explicit definitions of (acceptable) movement
have to be made.
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A classification of these structures based on the value of the stability parameter is proposed 1
below.

e N, = H/(AD) < 1: Caissons or seawalls

No damage is allowed for these fixed structures. The characteristic size, D, can be the height

or width of the structure. 2

e N, = H/(AD) = 1 to 4: Statically stable breakwaters

Generally uniform slopes are covered with heavy concrete armour units or natural armour

stones. Only limited damage (ie stone displacement) is allowed under severe design

conditions. The size, D, is a characteristic diameter of the unit or the median nominal

diameter of stones D, 5, (m). A special type of statically stable breakwater is the Icelandic 3
berm breakwater, with typical values of the stability number of: H/(AD,,5,) = 2 to 2.5 (see

Section 5.2.2.6).

e N, = H/(AD) = 3 to 6: Dynamic/reshaping breakwaters

These structures are characterised by steeper slopes above and below the still water level and

a gentler slope in between. This gently sloping part reduces the wave forces on the armour 4
units. Reshaping breakwaters are often designed with a very steep seaward slope and a
horizontal berm just above the (design) still water level. The first storms develop a more
gentle profile which remains stable at later stages. The profile changes to be expected are
important. Oblique waves may cause incipient longshore transport.

® N, = H/(AD) = 6 to 20: Dynamic rock slopes

The diameter of the armour stones is relatively small and cannot withstand severe wave

attack without displacement. The design parameter is the profile that is being developed
under different wave boundary conditions. Oblique waves may cause longshore transport.

An overview of the types of structures described above together with the different values of 6
H/(AD) is given in Figure 5.36. A summary of the static and dynamic stability numbers for
these structures was given in Table 5.21.
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Figure 5.36 Type of structure as a function of H/(AD)
This manual focuses on the latter three types of structures presented in Figure 5.36: statically

stable breakwaters and slopes, dynamic/reshaping breakwaters, and dynamic rock slopes. Of
the caisson breakwaters, only the armourstone foundations are considered.
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In this section a number of structure types are distinguished (see Figure 5.37).

Non-overtopped or marginally overtopped structures:

Non-overtopped or marginally overtopped structures are structures with a high crest elevation
only overtopped under severe wave conditions. The wave attack on the seaward slope is
higher than for low-crested structures. Under design conditions some wave overtopping
may occur. At the rear-side sufficiently large material should be placed, but the size can
be smaller than for low-crested structures. Figure 5.37 shows no water (dry hinterland) at
the rear-side of these structures. Situations also exist with water (wet hinterland) at the
rear-side up to different levels. Non-overtopped or marginally overtopped structures are
discussed in Sections 5.2.2.2, 5.2.2.3 and 5.2.2.11 for statically stable structures, and in
Section 5.2.2.6 for dynamically stable structures.

Low-crested (and submerged) structures:

Low-crested structures are subdivided into emergent (crest level above water) and submerged
structures; the latter have their crest below SWL but the depth of submergence of these
structures is sufficiently small that wave breaking processes affect the stability.
Submerged structures are overtopped by all waves and the stability increases significantly
as the crest height decreases.

Emergent structures are structures with a low crest elevation such that significant wave
overtopping occurs. This wave overtopping reduces the required size of the armourstone
on the seaward slope because part of the wave energy can pass over the breakwater. On
the rear side, however, larger material is needed than on structures for which only minor

wave overtopping occurs.
These structures are described in Section 5.2.2.4.

Low-crested structures can be both dynamically stable reshaping structures (ie reef
breakwaters) and statically stable structures. A dynamically stable reef breakwater is a low-
crested homogeneous pile of stones without a filter layer or core which can be reshaped
by wave attack. The equilibrium crest height and the corresponding wave transmission
and/or wave overtopping are the main design parameters. Wave transmission is
described in Section 5.1.1.4 and wave overtopping in Section 5.1.1.3. A reef breakwater
may initially be an emergent structure and after reshaping become a submerged
structure.

Near-bed structures:

Near-bed rubble mound structures are submerged structures with a relatively low crest
compared with the water depth. The depth of submergence of these structures is enough
to assume that wave breaking does not significantly affect the hydrodynamics around the
structure. This type of structure is described in Section 5.2.2.5 (and Section 5.2.3.2). For
this type of structure high stability numbers are often accepted.
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Rock armour layers on non- and marginally overtopped structures

This section focuses on the stability of armourstone cover layers on the seaward side of
structures under wave attack, such as revetments and breakwaters. The structures considered
have such a crest elevation that the stability of the front slope is not affected by a large
amount of wave transmission, wave overtopping, damage to the crest, or damage at the rear
side of the structure (as can be the case for low-crested structures). These low-crested
structures are separately discussed in Section 5.2.2.4. Damage to the crest and to the rear-
side of structures with a relatively high crest is treated separately in Section 5.2.2.11. The
reader is referred to Section 5.2.2.10 for guidelines on defining the grading of the
armourstone underlying the armour layer.

Stability evaluation methods and key points to note

Many empirical methods for the prediction of the size of armourstone required for stability
under wave attack have been proposed in the last 60 years. Research work by Iribarren
(1938), Hudson (1953, 1959), Hedar (1960, 1986) and Van der Meer (1988b) have resulted
in the most widely used design methods in the engineering world. Those treated in more
detail in this manual are the stability formulae developed by Hudson (1953), Van der Meer
(1988b) and more recently Van Gent et al (2004). The latter is based on research that focused
on conditions with shallow foreshores.

The following key points should be noted:

o The influence of shallow and gently sloping foreshores on the hydraulic performance is
a subject that requires special attention due to the complex phenomena involved, but
other effects may also modify the structural response (the stability), such as the influence
of steep approach slopes on wave shoaling and breaking. In general, the stability of the
armour layer is lower in such cases than in standard situations. Supporting studies
should be carried out to verify such effects, preferably by performing physical model tests.

®  Several stability formulae are described in this section, each with its own range of
validity and specific field of application. The designer should ensure that the formulae
are considered valid for the desired application. Because of the large spread in the data
on which the equations are based, as well as the inaccuracies in the input data, it is
recommended to always perform a sensitivity analysis or a probabilistic calculation. Such
an analysis gives insight into the main source of uncertainty in the computation and
indicates the degree of conservatism required for the design.

® The effect of oblique wave approach on armour layer stability has at the time of writing
this manual not yet been sufficiently quantified. Tests in the European Science and
Technology (MAST) program seemed to indicate relatively little reduction in damage for
rock-armoured slopes subjected to oblique wave approach angles up to 60 degrees
compared with waves of normal incidence (Allsop, 1995). The stability of any rubble
mound structure exposed to oblique wave attack should be confirmed with physical

model tests.

® The formulae presented here should be used for the conceptual design of rubble
mound breakwaters, revetments and shore protection works. Conceptual designs should
be confirmed and optimised with physical model tests.

® The porosity and packing density of the rock armour layer are not directly included in
the formulae, although they can have an influence on the stability. A lower porosity of
the armour layer might lead to a higher stability. However, an increased porosity of the
armour layer may also lead to higher stability due to greater energy dissipation, or it
may give lower armour stability due to reduced interlock or interblock friction. In order
to find out to what extent this stability changes for a certain case, specific studies should
be carried out.
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e If the armourstone shape deviates from the standard rough angular shape as used for the 1
derivation of stability formulae, for example more rounded or more flat stones, this can
also affect the stability. The effects of porosity and block shape on armour stability are

discussed in more detail after the general design guidance for standard situations.

® The effect of the rock density is directly included in the stability formulae. All formulae
presented in this section result in a certain value for the stability number, N; =
H/(AD,5), defined in Section 5.2.1.2. The use of high-density rock will result in a 2
smaller armour stone and hence a reduced layer thickness. In general, the formulae
presented in this section are considered valid up to high values of the relative buoyant
density, ie A= 2. Even for higher values of the relative buoyant density, ie up to A= 3.5,
Helgason and Burcharth (2005) found in their study — consisting of a literature review
and newly conducted research with small and large scale model tests — that for rock-
armoured structures with side slopes of cota > 2, the generally accepted stability 3
formulae as discussed in this section are considered to be valid. Their study also resulted
in the conclusion that for steep side slopes of 1:1.5, the relationship between the
stability number, Ny = H/(AD,,5), and the various factors, K| to K,,, signifying the
influence of slope angle, wave period, damage level, number of waves etc, is not linear.
In other words: Hy/D, 5, = f{K; to K,,, A%}, with x = 2/3 for steep side slopes. For side
slopes with cota > 2, the value of x = 1. 4

e  For material with a low relative buoyant density (A < 1.4) there are indications that the
stability formulae given in this section are also valid (down to A = 1). However, it should
be noted that the diversity of the rock (eg sensitivity to breakage and abrasion) often
requires extra attention for material with such low density as the stability formulae do
not account for the effects of breakage and abrasion (see Section 3.6.2). Research
confirmed the effect of the apparent mass density of the stone: depending on the
position relative to SWL, the stones may contain some water in their pores (see Section
3.3.3.3).

Overview of subjects and conditions discussed in this section

The methods available to evaluate the stability of rock armour layers on non-overtopped 6
hydraulic structures are dependent upon the applicable specific hydraulic conditions and

structural parameters. The basic approach (or standard situation) is to assess the stability of

slopes covered with rough angular shaped armourstone, placed in a double layer on filter

layers also consisting of armourstone.

NOTE: The method developed by Hudson (discussed below) covers both deep water and 7
shallow water conditions (the latter being equal to depth-limited wave conditions/breaking

waves on the foreshore), and is only applicable to permeable (breakwater) structures. The

method developed by Van der Meer (1988b) only covers deep water conditions, but is

applicable to a wide range of structural and hydraulic conditions; deep water is defined as h >

3H,,, , where h is the water depth in front of the structure (m) and H,, is the significant wave

height in front of the structure (m). 8
The effects of other conditions and structural parameters are evaluated by either using
modified coefficients or correction factors, or explicit formulae, discussed after the design

guidance for the standard situation as discussed above. The subjects discussed in this section

are as listed in the following scheme.

10
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Basic approaches to evaluate the stability of rock-armoured slopes: Ng = Hy/(AD,50) = f{cota, Sy, N, P, &}

e  Hudson formula (1959) - non-breaking waves on the foreshore (deep water)
- breaking waves on foreshore (depth-limited waves)

e Van der Meer formulae (1988b) - for deep water (non depth-limited waves).
Y \

Special conditions - safety / correction factors Special conditions - explicit formulae

e Shallow water and gently sloping foreshores - e \Very shallow foreshores - Van Gent et al (2004),
modified Van der Meer formulae (2004) experimental/no design experience

e  Steep approach slopes - fp,50 > 1.1, rule of e  Ship-induced waves - Boeters et al (1993)
thumb

e  Effect of armourstone gradation

° Non-standard armourstone shape

e  Armourstone packing and placement

Hudson formula

Hudson (1953, 1959) developed Equation 5.133, based on model tests with regular waves on
non-overtopped rock structures with a permeable core. It gives the relationship between the
median weight of armourstone, Wy, (N), and wave height at the toe of the structure, H (m),
and the various relevant structural parameters. This stability formula, widely known as the
Hudson formula, is presented here in SI units instead of the original units and related

notation.

3
p-gH

R e
KDA3 cota

(5.183)
where K, is stability coefficient (-), p, is the apparent rock density (kg/m?), A is the relative
buoyant density of the stone (-) and a is the slope angle (-).

For design purposes it would be acceptable that 0-5 per cent of the armour stones are
displaced from the region between the crest and a level of one wave height below still water.
The K}, values suggested for design correspond to this no damage condition. In the Shore
protection manual (SPM) (CERC, 1977) the values given for Kp, for rough, angular, randomly
placed armourstone in two layers on a breakwater trunk were K, = 3.5 for breaking waves on
the foreshore, and K, = 4.0 for non-breaking waves on the foreshore. “Breaking waves on the
foreshore” refers to depth-induced wave breaking on the foreshore in front of the structure.
It does not describe the type of breaking due to the slope of the structure itself. The wave
height to be used for this purpose is then the design wave height. Although no tests with
random waves had been conducted, it was initially suggested in SPM (CERC, 1977) to use H,
in Equation 5.133.

In SPM (CERC, 1984) it was advised to use H,j( as design wave height in Equation 5.133,
this being equal to 1.27 H,. Moreover, the value of Kj, for breaking waves was revised and
decreased from 3.5 to 2.0, while for non-breaking waves on the foreshore K;, remained 4.0.
This means that application of the Hudson formula following SPM (CERC, 1984) leads to a
considerably larger stone weight than if SPM (CERC, 1977) is used.

The main advantage of the Hudson formula is its simplicity and the wide range of armour
units and configurations for which Kj, values have been derived. This formula has, however,

limitations:
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e the use of regular waves only
® 1o account of the wave period and the storm duration
e no description of the damage level

® the use of non-overtopped and permeable structures only.

NOTE: For practical application the problems that may arise due to these limitations can be
overcome by using various specific values of the stability (or damage) coefficient, Kp); this

particularly applies to permeability of the structure and irregular waves.

The effect of these limitations is that relatively large differences occur between predictions
and the actual situation. This is illustrated in Figure 5.38.

The original Hudson formula, Equation 5.133, can be rewritten using Hy, o = 1.27H, in
terms of the stability parameter, Ny = H/(AD, 5. Equation 5.134 gives the relationship
between this stability number and the structure slope and the stability coefficient, K. Use has
been made of the relation between the nominal diameter, D, 5,, and the median mass of the
armourstone (see Section 3.4.2).

H (Kp cota )1/3

S —

AD,5, 1.27

(5.134)

An armourstone size can be calculated using Equation 5.134, but only when using the K,
values derived for use with Hy,y (Kp = 2.0 for breaking waves and Kj, = 4.0 for non-
breaking waves), corresponding to 0-5 per cent damage, D = 0-5 per cent. Higher damage
percentages have been determined as a function of the wave height for several types of
armour unit. Table 5.22 shows H/H, ., as a function of the damage percentage, D (%). H, is
the significant design wave height corresponding to damage D and H,,j,_ is the design wave
height corresponding to 0 to 5% damage, generally referred to as the no damage condition.

Table 5.22 Hy/Hg.p—o as a function of armour layer damage and armour type

Damage D (per cent) 1 with corresponding damage level Sy

Armour type Relative

P wave height 0-5 5-10 10-15 15-20 20-30 30-40 40-50
(Sy=2) | (Sy=6) | (Sy=10) (Sy=14) (S;=20) (Sy=28) (S,=36)

3

Smooth 3 Hg/Hg.p=0 1.00 1.08 1.14 1.20 1.29 1.41 1.54

armourstone !
3)

Angular Hy/Hgpeo 1.00 1.08 1.19 1.27 1.37 147 | 1562

armourstone .

Notes

1 All values for breakwater trunk, randomly placed armourstone in two layers and non-breaking
waves on the foreshore.

Extrapolated value.

“Smooth” or round is defined as having a value of Py < 0.01 (see Section 3.4.1.4) and “angular” is
defined as Pp > 0.011

The use of Equation 5.134 is valid for situations with a fixed damage level, namely 0-5 per
cent of the armour stones displaced in the region of primary wave attack. The use can be
extended for other damage percentages with Table 5.22. It is also possible to apply Equation
5.134 for damage levels described by the parameter S, (see Section 5.2.1.2). Van der Meer
(1988b) proposed to use Equation 5.135 as the expression for the stability number, N,.

HS
=0.7(K t
Do (Kpcotar)

1/3

0.15
Sa (5.135)

where S, is the damage level parameter (-), S; = A, /D,,5¢? and A, is the eroded area in a
cross-section (m?), see Figure 5.31 in Section 5.2.1.
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Figure 5.38 shows all data gathered by Van der Meer (1988b) and the data used by Van Gent
et al (2004) compared with (the re-written) Equation 5.135 for three Kj-values. These data
include conditions with breaking and non-breaking waves on the foreshore. For structures
with an impermeable core the accuracy is much lower than for structures with a permeable
core, which could be expected as the Hudson formula has been derived for structures with a
permeable core. Three curves are shown: for K, = 1, Kj = 4 and K, = 8. This figure shows
a large amount of scatter. For structures with an impermeable core (about 400 test
conditions), Kj, = 4 can be used to describe the main trend through the data; the use of K,
= 1 leads to almost no under-predictions of the damage, or when starting from a certain
damage level, to almost no under-estimate of the stone size required. For structures with a
permeable core (also about 400 test conditions), K = 8 can be used to describe the main
trend through the data; the use of K, = 4 leads to almost no under-predictions. It can be
concluded that Equation 5.135, based on Hudson (1953, 1959), can be used for design
purposes with K = 4 if the structure has a permeable core. Nevertheless, this approach may
for specific conditions lead to much larger armourstone than necessary. Therefore, it is
recommended to study the required stone diameters as predicted by other stability formulae,
and to verify the predictions based on dedicated physical model tests for the specific
structure that is being designed. If one accepts that about 5 per cent of the data leads to
higher damage than predicted by the stability formula, the following values for K, in
Equation 5.135 based on Hudson (1953, 1959) are recommended, irrespective of whether it
concerns conditions with or without breaking waves on the foreshore:

e structures with an impermeable core: Kp=1

e structures with a permeable core: Kp=4

Structures with a geotextile filter instead of a granular filter between the armour layer and

the core are considered as structures with an impermeable core.
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Figure 5.38 lllustration of accuracy of stability formula (Equation 5.135) based on Hudson
(1953, 1959) for three Kp-values; data points for structures with permeable and
impermeable cores, and for deep and shallow foreshores

For both types of structure there is a large standard deviation between measured and
predicted values for the damage parameter S; in Equation 5.135. According to Van der Meer
(1988b) the variation coefficient (= standard deviation, o, divided by the mean value, i) for
the K-values is in the order of 18 percent. This value is needed for probabilistic calculations.
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Van der Meer formulae - deep water conditions 1

For deep water conditions Van der Meer (1988b) derived formulae to predict the stability of
armourstone on uniform armourstone slopes with crests above the maximum run-up level.

These formulae (Equations 5.136 and 5.137) were based, amongst other work, on earlier

work by Thompson and Shuttler (1975) and a large amount of model tests, the majority of

which were performed with relatively deep water at the toe, ie h > 3H,;,, . These stability 2
formulae are more complex than the Hudson formula, but — as a great advantage — do

include the effects of storm duration, wave period, the structure’s permeability and a clearly

defined damage level. The formulae make use of a distinction between plunging waves and

surging waves (see also Figure 5.3, in Section 5.1.1.1):

For plunging waves (&,, < &,,): 3
0.2
Hy 0.18( Sa 05
——=c, P - 5.136
AD,s, JN on ( )

and for surging waves (£, > &,,):

H _, P—0‘13{S_d Ozwép (5.137) 4
AD,sy N " .
where:
N = number of incident waves at the toe (-), which depends on the duration of
the wave conditions
H, = significant wave height, H;3 of the incident waves at the toe of the
structure (m)
Enm = surf similarity parameter using the mean wave period, T, (s), from time-
domain analysis; &, = tana/N(2n/g-H, /T,;?) (-)
o = slope angle (°)
A = relative buoyant density, p,/p,, - 1 (-)
P = notional permeability of the structure (-); the value of this parameter should 6
be: 0.1 <P < 0.6 (see Figure 5.39)
NOTE: the use of a geotextile reduces the permeability, which may result in
the need to apply larger material than without a geotextile.
pl = 6.2 (with a standard deviation of o = 0.4; see also Table 5.25)
¢ = 1.0 (with a standard deviation of o = 0.08). 7

The transition from plunging to surging waves is derived from the structure slope (not from
the slope of the foreshore), and can be calculated with Equation 5.138, using a critical value
of the surf similarity parameter, &, :

1

: 2[%1 PO [ a]P+°~5 (5.138) 8
cr
C

N

For &, < &, waves are plunging and Equation 5.136 applies.

For &, > £, waves are surging and Equation 5.137 applies.

NOTE: For slope angles more gentle than 1:4 (cota > 4) only Equation 5.136 (for plunging 9
waves) should be used, irrespective of whether the surf similarity parameter, £, , is smaller or
larger than the transition value, &, .
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Figure 5.39 Notional permeability factor P for the formulae by Van der Meer (1988b);
for structures with a geotextile as part of the filter (eg in dikes and
revetments), P = 0.1 is recommended

NOTE: Equations 5.136 and 5.137 are limited to a single storm event. Melby and Kobayashi
(1999) have investigated the phenomenon of progressive damage due to the occurrence of
subsequent storm events. Their work resulted in a multi-storm relationship for the stability.
Melby (2001) presented a method to predict the damage for a series of storms throughout
the lifetime of a rock-armoured structure, primarily intended to be used as part of a life-cycle
analysis, see Equation 5.142 in this section under the title “Damage development”. In there,
a method based on the work of Van der Meer (1988b, 2000), is also presented. This
approach makes direct use of the Van der Meer deep-water stability formula (Equations
5.136 and 5.137); see also Box 5.18. For further details on life-cycle management, see Section
2.4 and Section 10.1.

The characteristic values of the damage level parameter, S, (-), can be characterised as
follows:

®  start of damage, corresponding to no damage (D = 0-5 per cent) in the Hudson formula
(see Equations 5.131 and 5.134)

® intermediate damage

®  failure, corresponding to reshaping of the armour layer such that the filter layer under

the armourstone in a double layer is visible.

The limits of the value of S; depend mainly on the slope angle of the structure. For
armourstone in a double layer the values in Table 5.23 can be used.
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Table 5.23 Design values of the damage parameter, Sy, for armourstone in a double layer 1
Slope Damage level
(2] Start of damage Intermediate damage Failure
1.5 2 3-5 8
2 2 4-6 8 2
3 2 6-9 12
4 3 8-12 17
6 3 8-12 17

Note

A value of S§; < 1 has actually no meaning, and should be considered as damage = zero; only some
settlement may be expected in that case. A certain threshold value of the wave height is needed to
initiate real movement and hence damage.

Although a value of the damage level parameter of S; = 2 to 3 is often used for design

purposes, in some cases it might be a feasible approach to apply higher values of S; = 4 to 5. 4
This may be dependent on the desired lifetime of the structure. Life cycle management is

discussed separately in Section 10.1.

Table 5.24 shows the range of validity of the stability formulae by Van der Meer (1988b). These
formulae are valid for deep water conditions with standard single-peaked wave energy spectra
at the toe of the structure. Deep water is for the purpose of the validity of these formulae defined
as: the water depth at the toe of the structure is larger than three times the significant wave

height at the toe: & > 3H_,,,; see also the section “Van der Meer formulae — shallow water
conditions” below. The evaluation of the value of H,,, can be done by using a numerical wave
propagation model, such as ENDEC or SWAN (see Section 4.2.4.10).

The maximum number of waves, N, to be inserted in Equations 5.136 and 5.137 is 7500. 6
After this number of waves the armour layer is considered to have reached an equilibrium.

Conditions with a larger number of waves may be considered, but the maximum number to

be used is: N = 7500.

NOTE: Damage for short storm duration, N < 1000

The development of the damage, S,, appears for small numbers of waves, N < 1000, to be 7
linear with NV instead of proportional to the square root of N. This feature might be relevant

for design of rock-armoured slopes in situations where the water level fluctuates significantly

and quickly. The actual damage occurring is lower than what would be expected based on S,

o YN, as included in the Equations 5.136 and 5.137.

The method to evaluate the stability in such cases, ie to assess the required value of the 8
stability parameter, H/(AD,;50), is to use an equivalent — lower — number of waves, N, in the

Equations 5.136 and 5.137, which is equal to: N,, = N%/1000. This lower number of waves,

N, results in a slightly higher stability number, and thus in a slightly smaller stone size.

The method to evaluate the actual damage, S,, in such cases is to assess the damage for N =

1000 and to reduce this S, 1(g, value with the factor N/1000 (because of the linear

relationship between S; and N). The methodology to determine the damage level, S;.1(gq, is 9
basically the same as that for determining the stability, ie using the Equations 5.136 and 5.137

in a re-written form of: §; AN = AN, P, a, &}
This subject of damage for N < 1000 forms part of the computer program BREAKWAT,

discussed in Section 5.2.2.6.
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Table 5.24 Range of validity of parameters in deep water formulae by Van der Meer (1988b)

Parameter Symbol Range
Slope angle tana 1:6-1:1.5
Number of waves N < 7500
Fictitious wave steepness based on T, Som 0.01-0.06
Surf similarity parameter using T,, Em 0.7-7
Relative buoyant density of armourstone A 1-241
Relative water depth at toe h/Hs toe >32
Notional permeability parameter P 0.1-0.6
Armourstone gradation Dpgs/Dp1s <25
Damage-storm duration ratio So/IN <0.9
Stability number Hg/(ADp50) 1-4
Damage level parameter Sy 1<§,< 20
Notes

1 For higher values of the relative buoyant density (up to A = 3.5) the validity of the stability formulae
is restricted to structures with front slopes with cota > 2 (see Helgason and Burcharth, (2005).

2 This ratio represents the area of research; the range of validity (for deep water) can also be
approximated by: H ,, > 0.9H,, (ie hardly any wave breaking/energy dissipation on the foreshore
has taken place yet); for further guidance, see the overview in Tables 5.28 and 5.29.

The deterministic design procedure is to make design graphs evaluating one of the
parameters. Two examples are shown in Boxes 5.11 and 5.12: one for H, versus the surf
similarity parameter, &,,, which shows the influence of the wave height and wave period (the
wave climate); and the other is a H, versus damage plot, which is comparable with the
conventional way of presenting results of model tests to assess stability. The same kind of
plots can be derived for other parameters used in Equations 5.136 and 5.137, such as the
notional permeability, P, the slope angle, «, and the storm duration or number of waves, N;
see Van der Meer (1988b).

NOTE: A deterministic design approach should be accompanied by a sensitivity analysis. In
such analysis the sensitivity of the environmental and structural input parameters (such as H
and P) should be investigated, but also the sensitivity of the constants in the formulae itself.
Alternatively, a probabilistic computation can be made (see guidance after Box 5.14).

To investigate the sensitivity of the value of the coefficients, ¢, and ¢;, in Equations 5.136 and
5.137 respectively, one may include the lower 5 per cent boundary of these coefficients.
Assuming a normal distribution of the value of the coefficient, these values can be computed
by multiplying the standard deviation, o, with a factor 1.64. Table 5.25 shows these values.

Table 5.25 Coefficients for “best fit” and “5 per cent exceedance limit” for deep water conditions,
ie Equations 5.136 and 5.137

Coefficient Average value Standard deviation, o, of Value to assess 5 per cent limit
g the coefficient (mean - 1.64 o)
Cpl 6.2 0.4 55
Cs 1.0 0.08 0.87
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Box 5.11 Effect of damage level on relationship between wave height Hg and surf similarity 1
parameter, &,

Figure 5.40 shows the influence of the damage level, S;, on threshold significant wave height, H, using
Equations 5.136 and 5.137. Four damage levels are shown: S; = 2 (start of damage), S, =5 and S; = 8
(intermediate damage) and S, = 12 (filter layer visible). The structure itself is described by: D,50 = 1 m
(Mgo = 2.6 tonnes), A = 1.6; cota = 3; P = 0.5 and N = 3000.

6 Plunging waves Surging waves
E 51
T S,=12
5 , S,=8 3
2 S,=5
(0]
>
@®
= 3 S,=2
2 T T T 1
1 2 3 4 5
¢, =tana Ns,,
Figure 5.40 Wave height versus surf similarity parameter, showing the influence
of the damage level parameter, S
Box 5.12 Influence of slope angle on relationship between wave height Hg and damage level

paramteter, Sy

Two curves are shown in Figure 5.41, using Equations 5.136 and 5.137: one for a slope angle with cota =
2.0 and a fictitious wave steepness of s,,, = 0.02 and one for a slope angle with coto. =3.0 and a wave
steepness of s,,, = 0.05. If the extreme wave climate is known, plots as shown in this Box are very useful
to determine the stability of the armour layer of the structure. The graph also shows the 90 per cent
confidence bands, which give a good indication of the possible variation in stability. Both 5 per cent limits
- together forming the 90 per cent confidence band - can be determined using the relevant o-values (o
= 0.4 and 0.08 for plunging and surging respectively) multiplied by 1.64 (see also Table 5.25). This

variation should be taken into account by the designer of a rock-armoured structure. 7
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Figure 5.41 Damage as function of Hs , showing the influence of the slope angle, a 1 0
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The design process to determine the required size of the armourstone on the structure slope is
illustrated with an example in Box 5.13. The example is based on a given structure — the side
slope, a., the notional permeability, P (-), and the design wave conditions are already fixed

parameters.

Box 5.13 Design methodology for the Van der Meer formulae

1 Define design wave conditions, Hs and T,,,, at the toe of the structure
These may be defined as:
° a single set of wave parameters: Hg and T,,, for a chosen extreme return period, eg 100 years
° a set of design wave conditions, each valid for a certain probability of exceedance.

NOTE: Still water level may vary according to the exceedance frequency that is adopted, but this
aspect does not have an influence on the size of the armourstone required; Equations 5.136 and
5.137 have not been developed for shallow water conditions (see Box 5.15 for those conditions).

2 Define acceptable values of damage level parameter, Sy

For extreme conditions it may be acceptable that some damage will occur, whereas only minor
damage might be acceptable for less extreme (wave) conditions. This choice should be based on a
separate analysis of cost; see Sections 2.4 and 10.1.

3 Determine number of waves, N
The storm duration gives the number of waves: N = duration (h)/T,, (s) x 3600 (s/h).

NOTE: for strongly tidal regimes, this duration might be influenced by the time that water might
remain at a high level; for regions of little/no tidal range, this duration may be rather longer.

4  Determine surf similarity parameter, &,

The surf similarity parameter &, (defined in Equation 5.2 in Section 5.1.1.1) depends on the wave
parameters, Hg and T, and the slope angle (through tana). When the choice of the slope angle is
free, optimisation of the outcome of the design process is recommended.

5 Determine whether waves are plunging or surging

This is done by calculating the critical surf similarity parameter, &, , using Equation 5.138. To solve
this equation the structural parameter describing the permeability, P, has to be established (see
Figure 5.39). This parameter may be subject to variation (more permeable means a more stable
structure or alternatively, smaller sized armourstone may be required). In most cases, however, this
parameter can only be varied to a limited extent, as the structure cross-section as a whole largely
determines this factor. This then allows selection of the appropriate equation, either Equation 5.136
or 5.137. If the slope is more gentle than 1:4, only Equation 5.136 should be used, irrespective of
whether the surf similarity parameter &, is smaller or larger than the transition value, &, .

Determine (average value of the) stability number, Hy/(AD,,5,)
7  Determine required armourstone size, D5,

To determine the required armour size, D5, , and hence mass, Mg , the mass density of the stone,
p, (kg/m?3), is required to calculate the relative buoyant density, A . The latter may either be
determined or may be prescribed based on a specific rock source for the project.

8 \Verlficatlon

The outcome of this conceptual design should be verified by performing physical model tests and/or
a sufficient safety factor should be taken into account.

Example for a rock structure, consisting of core, filter and armour layer, with a slope of 1:3, tana = 0.33:

° 1:100-year condition: H; = 5 m, T,, = 10 s, with a storm duration of 6 h and an acceptable damage
level of S; = 5; the number of waves amounts to: N = (6 x 3600)/10 = 2100 (check with range of
validity: N < 7500) and the surf similarity parameter is: &,,, = tana/\/(2an/(ng2)) =1.85

e  1:25-year condition: H; = 4 m, T, = 8 s, with a storm duration of 4 h and an acceptable damage level
of Sy =2; N = (4 x 3600)/8 = 1800 (check with range of validity: N < 7500) and &,,, = 1.65.

Permeability P = 0.4 is assumed, which gives a critical value of &, = 3.0. This means that for both design
conditions the situation of plunging waves applies, ie Equation 5.136. Assuming a rock density, p, = 2650
kg/m?3 and water density, p,, = 1025 kg/m?, this gives: A = 1.6 for a water saturation of O (see Section
3.3.3.3). The results for both conditions are:

e  1:100-year condition: Hy/(AD,50) = 2.48; minimum armourstone nominal diameter, D50 = 1.26 m,
corresponding with a median mass of Mgg = 5.5 tonnes
e 1:25-year condition: Hy/(AD,50) = 2.23; D, )59 = 1.12 m; Mgy = 4 tonnes.

In conclusion, for this case the 1:100-year event governs the choice of the armourstone size.
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In fact, the choice of using the average value or the 5 per cent limit value of the coefficients 1
¢y and ¢ given in Table 5.25, depends on the definition of the design criterion. Suppose the

design condition is 1:100 year. When the requirement is that the construction should be able

to survive the 1:100-year condition without failure (ie more damage than initially allowed for),

using the 5 per cent limit value would be the appropriate approach for a preliminary design.

This is illustrated in Box 5.14. When, however, the requirement is that the construction may

be damaged to a certain extent at a 1:100-year condition, using the average value would be 2
appropriate for preliminary design.

Box 5.14 Effect of using 5 per cent limit value instead of the average

Given the example of Box 5.13, it means that when the 1:100-years condition occurs, the probability of

“failure” of that structure (comprising armourstone with Mgy = 5.5 t) is 50 per cent, ie the conditional 3
probability of failure. Failure does not mean that the structure actually fails; it is in this case a probabilistic

term and is defined as damage more than S; = 5, given the data of the example in Box 5.13. The

relationship between damage level and the design wave conditions is also illustrated in the example given

in Box 5.12. Depending on the confidence (or safety) level required, a certain damage level, Sy, can be

determined based on a given value of H; .

When the design requirements prescribe that, given the 1:100-year condition, the probability of failure, ie

the probability that S; > 5, should be 5 per cent or less, the value of ¢, to be used in Equation 5.136 4
should be ¢, = 5.5. This gives Hy/(ADp,50) = 2.2; minimum armourstone size, D50 = 1.42 m, corresponding

with a median mass, M5, = 7.9 tonnes.

Instead of carrying out a sensitivity analysis, one can also perform a probabilistic
computation. Probabilistic calculations can be done on different levels:

o Levell

Using partial safety coefficients. This method is presented in detail including all relevant
coefficients in PIANC publication MarCom WG12, Analysis of rubble mound breakwaters
(PIANC, 1992)

® Level 2

Using a linearisation in the design point, for example with the First Order Reliability 6
Method (FORM). This method is not recommended because at the transition from

plunging to surging waves it is not possible to differentiate the Van der Meer formulae

(Equations 5.136 and 5.137). Consequently, most computer routines have convergence

problems.

e Level 3 7

Full integration, usually using a Monte-Carlo approach. For this approach various
software packages are available. For each parameter the statistical distribution and
standard deviation has to be defined. For the constants in the Van der Meer formulae a
normal distribution is recommended with the averages and standard deviations as given
in Table 5.25.

In probabilistic computations all variables have to be stochastically independent. This implies
that it is not possible to use both wave height and wave period as input parameters in a
probabilistic computation (higher waves tend to have a larger period, 7). This can be solved
by using the wave height and the wave steepness as input parameters, as these two
parameters are statistically independent.

Van der Meer formulae — shallow water conditions
The Van der Meer formulae have been widely used and tested since 1988. Most research
studies on stability of rock armour layers have agreed with the general trends of the Van der

Meer formulae, although some extensions or modifications have been generated to assess the
influence of other parameters, such as stone shapes (Bradbury et al, 1991) and packing 10
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densities (Stewart et al, 2003a) that deviate from the tested conditions. These subjects are
discussed at the end of this Section 5.2.2.2.

The eftect of shallow foreshores with depth-limited waves has to a limited extent been
addressed by the original work of Van der Meer (1988b) and more recently by further
research of Van Gent et al (2004). The definition of shallow water is relevant for the limit of
the field of application of the Van der Meer formulae, developed for deep water, ie
Equations 5.136 and 5.137. Some researchers define the transition from deep to shallow
water around the water depth h = 3H,,,. Other researchers who studied conditions with
very shallow foreshores, have defined very shallow water (where a considerable amount of
wave breaking occurs) as the condition at which H,,, < 70 per cent of the deep water wave
height, H, (see Van Gent, 2005). This transition is based on experience from several recent
designs. The intermediate area, where shoaling occurs and there is limited wave breaking,
can thus be defined as shallow water.

In shallow water conditions the wave load changes. The distribution of the wave heights
deviates from the Rayleigh distribution — truncation of the curve due to wave breaking (see
Section 4.2.4.4), the shape of the spectrum changes and the wave itself becomes more peaked
and skewed. In order to take into account the effect of the changed wave distribution, the
stability of the armour layer would in these depth-limited conditions be better described by
using the 2 per cent wave height, Hog, than by the significant wave height, H,; (Van der Meer,
1988b). With the known ratio of Hog/H; = 1.4 for deep water conditions, the Van der Meer
formulae for deep water, Equations 5.136 and 5.137, can simply be rewritten to determine
the stability formulae for conditions with shallow-water wave distributions, ie the value of the
coefficients ¢, and ¢, should be increased, to ¢,; = 8.7 and ¢, = 1.4, respectively. The method
of Battjes and Groenendijk (2000) can be used to obtain estimates of Hyg, (see Section
4.2.4.4). For plunging waves the stability formula reads: Hoq/(AD,,50) = 8.7f{S;, N, B &,,}.
Note that Hog, < 1.4H in shallow water. So when the significant wave height is used with the
deep-water formulae with the ¢, and ¢; values of 6.2 and 1.0 respectively, the outcome in
terms of required stone size is more conservative than when the actual Hyg, is used with the
adapted formulae. This approach implies, therefore, a certain safety factor. Further guidance
on the field of application (in the shallow-water area) is given in Tables 5.28 and 5.29. The
effect of peakedness (see Section 4.2.4.5) and skewness in very shallow water are, however
still to be considered. Skewness of waves is the phenomenon that the wave profile becomes
distorted when the waves become steeper, characterised by a non-zero moment, ie the
skewness defined as (n - u,)%/c,® > 0, where n = n(x, {) is the surface elevation (m), u, its
average value (m) and o, its standard deviation (m).

Based on analysis of the stability of rock-armoured slopes for many conditions, mainly
focussed on conditions with shallow foreshores, it was proposed in Van Gent et al (2004) to
modify the formulae of Van der Meer (1988b) to extend its field of application. One of the
modifications to the original design formulae is to use a different wave period to take the
influence of the shape of the wave energy spectra into account, ie by using the spectral wave
period, T,, | o, instead of the mean wave period from time-domain analysis, 7;,. For a
standard Jonswap spectrum in deep water (with a fixed relation between 7}, and T, ; () this
implies that the coefficients ¢, and ¢, should be adapted. It is not possible to compute ¢, and
¢, because also the peakedness and skewness of the waves change when travelling into
shallow water. Therefore, these coefficients have to be determined using tests with shallow-
water conditions. On the basis of the tests of Van Gent et al (2004) the coefficients ¢, and ¢; were
determined by regression analysis. This resulted in modified stability formulae, given here as
Equations 5.139 and 5.140. For the design methodology using these equations, see Box 5.15.

For plunging conditions (&, | o < &,)):
0.2
Hy 0.18( Sa H 035 :
——=c, P - — |(&,- (5.139)
AD,5y [ﬁ Hy, (§5-1.0)
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5.2 Structural response to hydraulic loading

and for surging conditions (5| ( > &,,): 1

0.2

where:
pl = 8.4 (-), with a standard deviation of ¢ = 0.7 (see also Table 5.27) 2
¢ = 1.3 (-), with a standard deviation of o = 0.15
Hyqg, wave height exceeded by 2 per cent of the incident waves at the toe (m)
&1.0 = surf similarity parameter (-), using the energy wave period 7,, | o (-);

&1 = tana AN(©2rH, /@gT,1 0%, where H; = H 5 from time domain analysis (m)
Tyao =

the (spectral) mean energy wave period (s), equal to m_j/m (see Section 4.2.4.5). 3

The transition from plunging to surging waves can be calculated using a critical value of the
surf similarity parameter, &, , according to Equation 5.138. The values of the coefficients ¢
and ¢, (8.4 and 1.3 respectively) are based on a calibration by Van Gent et al (2004) on the
basis of their experiments.

NOTE: The remarks made on the original Van der Meer formulae regarding the application 4
— slope angle more gentle than 1:4, limited to single storm event and P = 0.1 for structures
with a geotextile — are also valid for Equations 5.139 and 5.140.

Figure 5.42 shows measurement data for shallow foreshores (Van Gent et al, 2004) and deep
water (Van der Meer, 1988b), compared with the modified Van der Meer formulae for shallow
water, Equations 5.139 and 5.140. Both the average line and the 5 per cent exceedance line
are shown. From Figure 5.42 it can be concluded that in the case of equal spectra at the toe of

the structure (and hence equal values of H and T, | ), structures with shallow foreshores and
plunging waves (squared data points in Figure 5.42a) usually need heavier armourstone than
structures located in deep water, if the same damage level is applied (see Box 5.15).

Modified Van der Meer (1988b) formulae by Van Gent ef al (2004)
* Van der Meer (1988b): Permeable core
Van der Meer (1988b): Impermeable core

Modified Van der Meer (1988b) formulae by Van Gent et af (2004)
= Van der Meer (1988b): Permeable core
Van der Meer (1988b): Impermeable core

20 o 6

® Van Gent et al (2004): Perrmeable core
Van Gent et al (2004): Impermeable core

® Van Gent et al (2004): Permeable core
Van Gent et al (2004): Impermeable core

=

1]
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a) Data from Van der Meer (1988b) and Van Gent et al b) Data from Van der Meer (1988b) and Van Gent et al 8

(2004) for plunging waves (2004) for surging waves

Notes

1 The deep-water data from Van der Meer (1988b) have been recalculated to produce this figure
using a fixed relation 7, = 1.07 T}, ; g and Hyq, = 1.4H .

2 S§;-values have been used to plot Sy/NN-values that are far above acceptable values of the damage 9
level, S, for design (see Table 5.23).

Figure 5.42 Modified Van der Meer formulae for shallow water (Equations 5.139 and 5.140)

compared with measurements for (a) plunging and (b) surging waves

10
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NOTE: The given conversion factors to transform H; to Hyg, and to transform T, to 7', ;
(see notes to Figure 5.42) are only valid for deep water and standard wave energy spectra.
When applying Equations 5.139 and 5.140, the locally determined values of Hyog, and 7, 1
should be used; a numerical wave propagation model, like SWAN or Boussinesq-type wave

models (see Section 4.2.4.10) may be used for this purpose.

Table 5.26 shows the range of validity of the various parameters used in Equations 5.139

and 5.140.

Table 5.26 Range of validity of parameters in Van der Meer formulae for shallow water conditions

Parameter Symbol Range
Slope angle tan a 1:4-1:2
Number of waves N < 3000
Fictitious wave steepness based on T, Som 0.01-0.06
Surf similarity parameter using T, Em 1-5
Surf similarity parameter using T, 4 o Es10 1.3-6.5
Wave height ratio Hoo/Hg 1.2-1.4
Deep-water wave height over water depth at toe Hso/h 0.25-1.5
Armourstone gradation Dpgs/Dp1s 1.4-2.0
Core material - armour ratio Di50.core/ Pnso 0-0.3
Stability number Hs/(AD,50) 0.5-4.5
Damage level parameter Sy <30

Note

For further details on the field of application in terms of water depths, see overview in Tables 5.28 and 5.29.

To illustrate the use of the Van der Meer formulae for shallow water, an example is worked
out in Box 5.15. To show the typical differences between deep- and shallow-water conditions

the example situation as given in Box 5.13 has been taken as starting point.

Box 5.15 Design methodology for Van der Meer formulae for very shallow water conditions

To design armourstone for the example situation as given in Box 5.13, but now in water of limited depth,
the procedure is as follows:

e define design wave conditions at the toe of the structure;
with a numerical wave propagation model the value(s) of T, 4 o and with the Battjes and Groenendijk
method (see Section 4.2.4.4) the values of H,,, at the toe of the structure are determined based on
the deep water design condition(s).

o follow in general the procedure as described in Box 5.13, but read Equation 5.139 for 5.136 and
Equation 5.140 for 5.137; further, the surf similarity parameter, & 4 o, is to be used instead of &,

Example

The water depth at the toe of the structure is given as: h = 8 m. Using a spectral wave propagation model
(in this case starting with the deep water values Hy, = 5 m and T,,, = 10 s from the example in Box 5.13)
with given bathymetry, this may lead to the following nearshore data: Hs =4 m; T, = 9.5s and T, 4 o =
11.5 s. This gives: &¢ 4 o = 2.39. The method of Battjes and Groenendijk leads to a value of Hyy, = 4.95 m.
The values of the other parameters are: P = 0.4, tano = 0.33, A= 1.6 and S; = 2.

Application of the deep-water formula (Equation 5.136), using T,,, will lead in this situation (a 6 h storm,
ie N =6 x 3600/9.5 = 2273) to: D;5, = 1.15 m and Mg, = 4.0 tonnes.

Using the shallow water formula (Equation 5.139), with again N = 6 x 3600/9.5 = 2273, leads to: Hy/(AD,,50)
= 1.7, which results in a armourstone size of: D, 5o = 1.4 m and a median mass of : M5, = 7.2 tonnes.

Conclusion: The stability of rock-armoured slopes in very shallow water conditions requires special
attention; in this example the minimum mass of the armourstone is 80 per cent larger than expected
based on the deep-water formula.

NOTE: In this example the computed values of H; =4 m and T, ; = 11.5 s are rather extreme values. For most
coastal profiles a numerical computation of the wave conditions at h = 8 m will lead to somewhat lower values.
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5.2 Structural response to hydraulic loading

®  Sensitivity analysis 1

In order to investigate the sensitivity of the coefficients, ¢,y and ¢, in Equations 5.139 and

5.140 respectively, the lower 5 per cent limit of these coefficients may be used. Assuming a

normal distribution of the value of the coefficient, these values can be computed by

multiplying the standard deviation, o, with a factor 1.64. Table 5.27 shows these values for

the modified Van der Meer formulae. 2

Table 5.27 Coefficients for “best fit” and “5 per cent exceedance limit” for Van der Meer formulae
for shallow water (Equations 5.139 and 5.140)

Coefficient AEEETEE Standard deviation, o, of Value to assess 5 per cent limit
g bi~ the coefficient (u - 1.64-0)
Cpl 8.4 0.7 7.25 3
Cs 1.3 0.15 1.05

For applications with these formulae a sensitivity analysis or a probabilistic computation
should be performed. It should be noted that the method with partial safety coefficients 4
(PIANC 1992) is not available for shallow-water conditions. Also, because the wave height
depends very much on the water depth, in shallow seas with strong storm surges the wave
height is in fact a dependent variable (depending on the water level). For probabilistic
computations it is in those cases recommended to use the water level as an independent
stochastic variable (with for example a Weibull distribution). The wave height can then be
defined as a function of the depth (via H = yd, where d is the water depth (m) and y is the
wave breaking coefficient with an average value of y = 0.5 and a standard deviation of o, =
0.15).

Recent developments

The data-set described in Van Gent et al (2004) mainly includes conditions with shallow 6
foreshores (ie 1.25 < h /H,,,, < 3) and gently sloping foreshores (1:30 and more gentle). This

dataset was also used to obtain a more simple stability formula, as it seems that the wave

period influence decreases significantly when very shallow conditions are considered. This

formula can be used as a first indication if no, or not sufficiently accurate, information is

available on input parameters, in particular the energy wave period 7, | . This formula is

introduced in Box 5.16. 7

10
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Box 5.16 Van Gent - stability formula

The simple stability formula as derived by Van Gent et al (2004) is presented here as Equation 5.141.

n50 \/ﬁ

The influence of the permeability of the structure is incorporated by using the ratio D50 core/Dpso, this
being the ratio between the median nominal sizes of the core material and the armourstone used in the
cover layer. The influence of filters is not accounted for in this ratio, which means that no filter or a rather
standard filter of 2-3 layers thick is assumed here. Note that the use of a geotextile reduces the
permeability, which may mean that larger armourstone is needed than without a geotextile. When the
core consists of armourstone with a very wide grading, it is recommended to use the D, 15 ., (Which
corresponds in most cases reasonably well with the nominal lower limit (NLL) of the grading, see Section
3.4.3) instead of the median value, D50, When using a geotextile underneath the filter layer, the
nominal diameter of the core material should be set at D50, = 0. The range of validity of Equation
5.141 is the same as that for the Van der Meer formulae for shallow water, and is given in Table 5.26. For
further details and discussion on this stability formula, see also Van Gent (2005).

0.2
H
s —1.75{cotal (1+D,,50_60,2/Dn50)2/3{s—d) (5.141)

FA
. — _a'f'-l-l "ﬂ' v
Notes:

1 Both the average line and the 5 per cent exceedance line (= the dotted line) are shown.
2  The Van der Meer (1988b) data points are deep-water data, whereas the dataset of Van Gent et al
(2004) is largely based on tests with shallow water, ie h < 3Hg .

3 Sy values have been used to plot Sd/\/N-vaIues (the squared data points) that are far above acceptable
values of the damage level, S, for design (see Table 5.23).

Figure 5.43 Data of Van der Meer (1988b) and Van Gent et al (2004) compared with the Van Gent
formula (Equation 5.141)

Equation 5.141 leads to more or less the same accuracy as Equations 5.139 and 5.140, using the mean
energy wave period Ty, 4 o; see also Figure 5.43. Thus, especially if no accurate information on the wave
period T, 4 o and the ratio H,,/H, is available, Equation 5.141 is an alternative for Equations 5.139 and
5.140, especially for structures with a permeable core.
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5.2 Structural response to hydraulic loading

Summary of the stability formulae 1

As described above several stability formulae exist. The user of the formulae is advised to first

check whether the formulae are considered valid for the desired application (see eg Tables

5.24 and 5.26) and whether the information for all input parameters is available (see also

Table 5.28). If for example no information is available on wave periods at the toe of the

structure, stability formulae by Hudson (1953) or Van Gent et al (2004) can be used but one 2
should take the spreading around the predictions based on these formulae into account. If all

input parameters are available (and sufficiently accurate) and more than one formula is

considered to be valid for the desired application, it is advised to perform a sensitivity

analysis on the choice of the stability formula.

Table 5.28 Overview of fields of application of different stability formulae for rock-armoured slopes 3

Van der Meer Van der Meer Van Gent

. AT deep water shallow water etal

Criterion
Eq no. 5.134 or 5.135 5.136 or 5.137 | 5.139 or 5.140 5.141

Applicable for deep water?
h > 3Hq oo * Yes Yes No No 4
Applicable for very shallow water? N N v v
Hg 00 < 70% Of Hg, * ° ° es es
Recommended for structures with a Yes, for Kp = 4 Yes Yes Yes

permeable core?

Recommended for structures with an No, except with Kp

impermeable core? =1inEq 5.135 ves ves No
Design experience with formula Yes Yes Limited No
Info on number of waves required? No Yes Yes Yes
Info on wave period required? No Yes (T,,)) Yes (Tp.1,0) No
Info on wave height H,o, required? No No Yes No 6
Info on permeability P required? No Yes Yes No
Info on core material D54 required? No No No Yes

Note 7

* For further details on the range of validity of the original Van der Meer formulae for deep water and
the Van der Meer formulae for shallow water, see Table 5.29.

Table 5.29 Overview of fields of application of the Van der Meer stability formulae

Water depth characterisation 8
ltem Very shallow water Shallow water Deep water
Parameter:
Relative water depth at the toe: h/Hg 4, ~1.5 - =2 <3 >3
Wave height ratio, Ry = Hg_4pe/Hso <70% 70% < Ry < 90% > 90%
Stability formulae:
Van der Meer - deep water,
Equation nos 5.136 and 5.137
Van der Meer - shallow water
Equation nos 5.139 and 5.140
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Damage development — Melby method

All above equations are based on damage occurring during the peak of a single storm.
Especially for maintenance it is sometimes necessary to determine the cumulative damage
over a number of storms. A method to do so is presented by Melby (2001). The cumulative
damage, S, (-), can be computed with Equation 5.142. The evaluation of the cumulative
damage for an example is given in Box 5.17.

Sa(tn)=Sa(to)+0.025 N° 2 (th - to) (5.142)
g
where:
N, = H/(AD,5), the stability number (-), based on the significant wave height,
Hg = Hy3 (m)
T, = mean wave period (s)
t, = duration time of additional storm (s)
to = duration time of storm to reach a damage level S; (¢() (s)
St = damage at time ¢, (-)
Syte) = damage at time ¢ (-)
n = time counter (-)
b = coefficient determined in experiments (-), b = 0.25.

NOTE: For the calculation of damage due to a single (or the first) event, ¢, and S,({,) are
both zero.

Melby’s formula (Equation 5.142) is based on laboratory tests with a limited range of validity:

e depth-limited wave conditions and the wave conditions of subsequernt events are

relatively constant
e the structure slope angle is 1:2 and the surf similarity parameter, &, is between 2 and 4

® rock structures with a relatively impermeable core, with notional permeability values of P
< 0.4 (see Figure 5.39)

® aratio of armour and filter stone sizes, D,;50.qrmour/Dnso-fitter = 2-9-

Box 5.17 Development of damage according to Melby (2001)

Given a wave height H; = 2.1 m, a mean period T,, = 10.8 s, a stone size D50 = 0.78 m and a relative
buoyant density, A =1.65, the stability number has a value of: Ny = Hy/(AD,,50) = 2.1/(1.65 - 0.78) =
The damage after a first storm of 4 h (= 14 400 s), using Equation 5.142, amounts to:
0.25 0.25
S, = 0+0.025 e (14400 —0°%)=1.58

Suppose this storm is followed by a second storm of also 4 hours, characterised by: H, = 2.4 m and T, =
10.8 s (again). The stability number becomes then: Ny =2.4/(1.65 - 0.78) = 1.86. The cumulative damage,
again using Equation 5.142, becomes:

1.86°

025

Sy =1.58+0.025- = (28800°%* —14400°** )=1.58+0.65 = 2.23

The conclusion from this example is that there is only negligible damage after the first storm, and that the
second storm increases this damage. When applying the Van der Meer formulae for the first storm
(assuming an appropriate P-value for the permeability etc), one may also get a damage S; = 1.58.
Applying the same settings to the second storm only, the Van der Meer formulae lead to a higher value of
S, for the second storm only than using the Melby method. So there are some differences, but these are
small for the case considered here.
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Damage development - method Van der Meer 1

An approach that makes direct use of the stability formulae given in Equations 5.136 and
5.137, has been described by Van der Meer (1988b, 2000). The procedure to calculate the

cumulative damage using that approach is described in Box 5.18.

Box 5.18 Cumulative damage using approach Van der Meer (1988b, 2000) 2

The procedure to assess the cumulative damage due to consecutive storm events is as follows:

e calculate the damage, S, for the first wave condition, by using either Equation 5.136 or 5.137 as
appropriate
e calculate for the second wave condition how many waves would be required to give the same dam-
age as caused by the first wave condition; this is denoted as N,' (see also Figure 5.44)
e add this number of waves, N,', to the number of waves of the second wave condition: N, = N, + N,’ 3
(see Figure 5.44)
e calculate the damage under the second wave condition with this increased number of waves, S, by
again using the respective stability formula, either Equation 5.136 or 5.137
e calculate for the third wave condition how many waves would be required to to give the same dam-
age as caused by the second wave condition etc.
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Figure 5.44 lllustration of method to assess cumulative damage of two consecutive storms

Filter material 7

Breakwaters and revetments often consist of an armour layer (approximately 2k,D, 5 thick)

with one or more granular underlayers or filter layers and a core. A geotextile may be placed

between the core (especially in the case of fine material such as sand) and granular

underlayers. Small particles beneath the filter should not be washed through the filter layer

and the filter stones should not be washed through the armour layer. Filter rules are further 8
discussed in Section 5.2.2.10 and in Section 5.4.3.6.

A relatively large armourstone size in the underlayer has two advantages. Firstly, the surface
of the underlayer is less smooth with larger stones, which gives more friction between the
armour layer and the underlayer. Secondly, it gives a more permeable structure and

therefore increases the stability of the armour layer. 9

The use of geotextile filters underneath the filter material may reduce the permeability of

the structure, which lowers the stability of the armour layer. Thus, if geotextiles are used

more damage can be expected than without geotextiles. In the Hudson formula K, = 1

should be used when a geotextile filter is used underneath the granular filter layer. In the

Van der Meer formulae and the modified version of these formulae for shallow water, the 10

permeability parameter should be set at P = 0.1 in that case.
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Influence of steep approach slopes

Insufficient knowledge is available about the effect of steep approach slopes combined with
depth-limited waves on the stability of rock-armoured structures. Examples of damaged rock
structures in such special conditions show, however, that a safety factor should be applied on
the required armourstone size for preliminary design purposes. At the time of writing this
manual research into this specific subject is being carried out at various institutes, but
definitive design guidance is not available yet. As a rule of thumb, the stone size required for
stability should be at least 10 per cent larger than that in normal deep-water conditions with
the same wave spectrum at the toe of the structure. This implies a factor to be applied to the

stone diameter D, 5 of: f7,50 = 1.1.
Influence of gradation on stability

The stability of armourstone of (very) wide grading has been investigated by Allsop (1990).
Model tests on a 1:2 slope with an impermeable core were conducted to identify whether the
use of armourstone with a gradation wider than Dgy/D; = 2.25 would lead to armour layer
performance substantially different from that predicted by the formulae by Van der Meer
(1988b), Equations 5.136 and 5.137. The test results confirmed the validity of these equations
for armourstone of narrow grading, Dgs/D;5 < 2.25. Very wide gradings, such as Dgz/D |5 =
4.0, may in general suffer slightly more damage than predicted for narrower gradings. On
any particular structure, there will be greater local variations in the sizes of the individual
stones in the armour layer than for narrow gradings. This will increase spatial variations of
damage, giving a higher probability of severe local damage. In addition, the tests showed
initial displacement of small stones and then of larger stones. More information can be found
in above mentioned references and in Allsop (1995). Based on this information it is
recommended that the application of the deep-water formulae by Van der Meer (Equations
5.136 and 5.137), the version of these formulae as modified by Van Gent et al (2004) for
shallow water (Equations 5.139 and 5.140), as well as the simple stability formula proposed
by Van Gent et al (2004) for shallow water (Equation 5.141) is limited to gradings with

D, g5/D, 15 < 2.25.

Influence of armourstone shape on stability

The eftects of armourstone shape on stability have been described by Latham et al (1988).
They tested the stability of rock-armoured slopes with different armourstone shapes,
including semi-round, very round and tabular. Very round armourstone suffered more damage
than standard armourstone (ie rough, angular). Surprisingly, the tabular armourstone exhibited
higher stability than standard armourstone. The influence of non-standard armourstone shapes
can be taken into account by multiplying the actual stone diameter D, 5, by the factor given in
the last column of Table 5.30. For the formulae by Van der Meer (1988b), both for deep
water (ie Equations 5.136 and 5.137) and for shallow water conditions (ie Equations 5.139
and 5.140), a distinction can be made between plunging and surging conditions. The influence
of non-standard shapes can be accounted for by adjusting the coefficients ¢, and ¢, by
multiplying them by the factors given in the second and third column of Table 5.30.

NOTE: The shape of the stone is inherited from the structure of the rock mass and is not
strongly controlled by production techniques (see Section 3.4.1).

Table 5.30 Factors for “non-standard” armourstone shapes to be applied on the coefficients in the
Van der Meer stability formulae or on D, for other stability formulae

Shape of armourstone Cy () cs () Dpso ()
Semi-round 0.95 1.0 0.95
Very round 0.95 0.8 0.85
Tabular 1.10 1.3 1.10
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Influence of armour packing and placement

When constructing rock armour layers, contractors often go to some effort to pack the
armourstones tightly together. This is sometimes for reasons of aesthetics, but more often it is
in an attempt to produce a more stable structure. It may also be a client requirement to
minimise voids that may present a health and safety hazard. Mechanical grabs allow quite
large pieces of stone to be manipulated in ways that result in a very well interlocked and
dense armour layer. The resulting structures can be quite different in nature to the randomly
placed armourstone that is usually tested in laboratories and on which most design methods

are based.

The effects of stone packing on the properties of armour layers were investigated by Stewart
et al (2003a; 2003b). They subjected model armour layers, made up of carefully placed
stones, to wave attack and measured the resulting damage. Test results were compared with
the stability formulae of Van der Meer (1988b), ie Equations 5.136 and 5.137 for randomly
placed layers. It was found that the stability of carefully placed layers generally exceeded that
of randomly placed layers. The stability of the layers was, however, found to be highly
sensitive to the degree of skill, or workmanship, with which the layer was placed. This is a
difficult parameter to quantify and control, so it was concluded that the findings of the study
should be applied with caution. Stone shape was also found to be a significant factor. Pieces
of armourstone that were blocky in nature were found to be more conducive to tight packing,
and hence high stability, than rounded pieces. Section 3.4.1 discusses the quantification of
shape, including a definition of blockiness.

As a result of the study, a tentative relationship between armourstone stability and layer
porosity, n,, (see Section 3.5), was proposed. Although the results displayed a considerable
amount of scatter, mainly, it is believed, due to the difficulties involved in controlling
workmanship, improved armour layer stability was found to be generally associated with low
layer porosity. The stability of a number of armour layers was quantified by the
determination of alternative values of the coefficients ¢, and ¢, in place of the values of 6.2
and 1.0 in Equations 5.136 and 5.137. For tightly packed layers on permeable structures
(with a notional permeability, P = 0.5, see Figure 5.39), the following values for these
coefficients were proposed:

¢ ="78and¢; =18

Figures 5.45 and 5.46 suggest that such armour layers are capable of withstanding waves that
are 35 per cent higher and 60 per cent higher, in the plunging and surging zones
respectively, compared with randomly placed layers. Tests conducted on structures with an
impermeable core (P = 0.1) also showed that tightly packed armour layers usually out-
performed randomly placed layers, although the data were not sufficiently extensive to allow

a relationship to be determined.
An armour layer is regarded as tightly packed if it meets the following criteria:

e the stones should be individually placed with good orientation control and above water.
In practice this means that the stones should be placed by a grab, not dumped into

position. A crane with a sling will not provide sufficient control
® alayer porosity of less than 35 per cent should be obtained

e stones should not be round or semi-round. If blockiness measurements are available

there should be few or no stones with blockiness coefficients of less than 50 per cent.
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In particular, tight packing depends on the workmanship or skill applied to the placement.
This is an extremely difficult parameter to quantify and control. If tight packing is to be
relied upon as a significant factor in the design of an armour layer then, as with all designs
that diverge from standard procedures, physical model tests must be conducted to
supplement the design. The model tests should replicate the prototype armourstone shape,
placement method and packing density as closely as possible.
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Figure 5.45 Effect of armour layer porosity on stability (plunging conditions); the horizontal
line indicates the coefficient based on bulk-placed layers from Equation 5.136
(Stewart et al, 2003a)
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Figure 5.46 Effect of armour layer porosity on stability (surging conditions); the horizontal
line indicates the coefficient based on bulk-placed layers from Equation 5.137
(Stewart et al, 2003a)

The findings of the study suggested that stability formulae developed for randomly placed
layers can be applied conservatively to individually placed layers, and that structures made of
tightly packed rocks will probably have reserve strength over that predicted by the standard

formulae.

Stability against ship-induced waves

The influence of ship-induced waves on the stability of rock-armoured slopes has been
investigated by Boeters el al (1993). The applicability of a first estimate based on the formula

by Van der Meer (1988b) for plunging waves in shallow water conditions has been
investigated. Equation 5.143 gives this stability relationship.

CIRIA C683



5.2 Structural response to hydraulic loading

02
Hyy, _gop018 Sy £03 (5.143)
ADnSO ‘/W

Although wind- and ship-induced waves have much in common, the problem is mainly to

define appropriate values for N, H and & in the case of ship-induced waves. Here, for the

number of waves, being equal to the number of ship passages, N (-), the total life time (eg

some 20 years) should be taken into consideration together with the types of ships (the 2
governing types are relevant), which usually results in a relevant number of ships of for

example approximately 2000, and hence in N = 2000. For H the corresponding ship wave is

set equivalent to Hyog, (m). Further, it is important to note that damage due to different waves

can be superimposed and that the following substitutions and remarks apply:

® Hyg is the maximum of the interference peaks H; (m), defined by Equation 5.144: 3
- 2
Hi =120 h (s /h) 24 /(gh) (5.144)
where:
o = coefficient depending on the type of ship (-): @; = 1.0 for tugs and
recreational craft and loaded conventional ships, a; = 0.35 for unloaded 4

conventional ships, a; = 0.5 for unloaded push units

h = water depth (m)
V, = velocity of the ship (m/s) (see Section 4.3.4)
bR = distance to the bank normal to the sailing line (m).

o £isbased on H; and L;, and the wave length, L; (m), is evaluated using Equation 5.145:

2
L, =35 (5.145)
3g
In addition to the above approach, a simpler relationship to evaluate the stability of
armourstone for interference peaks is given by Equation 5.146: 6
iy 8(cosp) ™ (5.146)

where f is the angle of the incoming wave crests relative to the bank (°); for interference
peaks or secondary waves: § = 55° for normal ships, whereas this angle is considerably

smaller for high-speed vessels. 7

NOTE: Equation 5.146 has been derived using the sieve size, Dy (-). The same applies to
Equation 5.147 given below. In general, D, 5, = 0.84D5 can be used for armourstone.
Further, Equation 5.146 has been derived for structures with a slope angle of cota = 3.

For design purposes H,/(AD,) should be 2 to 3. 8

For the transversal stern wave, Equation 5.147 gives the stability relationship between the
height of the stern wave, z,,,, (m), and the structural parameters.

Zml:l.S(cotoc)l/3

5.147

For design purposes z,,,,/(AD,5,) should be 2 to 3. Information on how to determine the
value of z,,,, can be found in Section 4.3.4.

5223 Concrete armour layers

For moderate design wave conditions and at sites where armourstone of sufficient quality, 10

size and quantity is available the first choice for armouring will in most cases be rock, because
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of economical and possibly also aesthetic reasons. Artificial armour units may be required for
more severe design conditions or at sites where armourstone of sufficient size, quantity and
quality is not available. Some considerations to select the most suitable type of armouring are
presented in Section 3.12, where properties, layer placement dimensions and production of
concrete armour units is discussed. The hydraulic stability of concrete armour units is dealt

with in this section.

Various approaches have been developed for concrete armour units to provide hydraulically
stable armour layers:

e the first approach is based on concrete units that obtain their resistance mainly by their
weight
e the second approach is based on armour layers with concrete armour units that also use

significant interlocking between adjoining units

e the third approach is based on armour layers with uniformly placed units for which a
large part of the resistance is obtained by friction between the individual units. Within
this last class might be included placed block revetments, dealt with by Klein Breteler
and Bezuijen (1991), McConnell (1998), Pilarczyk (1998) and Turk and Melby (2003).

Table 5.31 provides an overview of the most important types of armour units (see also
Section 3.12.1.2).

Table 5.31 Classification of some armour units by shape, placement and stability factor

Placement | Number of Stability factor (main contribution)
attern layers S
P Own weight Interlocking Friction
Cube, Antifer Cube,
Simole Modified Cube
Double P
layer Tetrapod, Akmon, Tripod

Random Complex Stabit, Dolos

Simple Cube Cube

Single layer Complex Stabit, Accropode,
P Core-loc, Xbloc

Simple Haro Seabee, Haro
Uniform Single layer

Complex Cob, Shed, Tribar, Diode

Note

The Haro is also placed in double layers.

The design of concrete armour layers generally follows the overall approach for rock
armouring, but design formulae and/or coefficients are different. The simplest approach
(particularly for preliminary sizing) is by using Hudson’s equation with specific values of K
derived from previous or generic model tests. Other empirical formulae may alternatively be
used for selected armour unit types. Little information is available on damage progression
(see Section 5.2.2.2 for rock-armoured slopes) and very little guidance is given on direct or
indirect wave loadings. Some guidance on slopes stresses/robustness is available from field

tests and stress modelling, but only for selected unit types.

As stability can vary under many influences, physical model tests are recommended for all
complex concrete armour units. It should be noted that such model tests are more complex
than tests on conventional rock armour layers and require therefore experience in the field

of physical modelling.
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5.2 Structural response to hydraulic loading

Mass density of concrete 1

For most artificial armour units concrete with a standard concrete mass density is applied, eg

between 2200 kg/m® and 2600 kg/m? (A = 1.2-1.6). Cubes (including Antifer cubes) have

occasionally been applied with a much higher density, eg 3000 kg/m? (A = 2.0), although this

has rarely been done for complex units. Research with cubes with an even higher density of

eg 4000 kg/m?® (A= 3.0) by using heavy aggregates indicates that high density concrete can be 2
useful and that the damage, as for normal-density cubes, can be described by the stability

parameter, Ny = HJ/(AD,) (Van Gent et al, 2002). Using high density concrete armour units

results in a lower volume of each unit and in a reduced layer thickness. In contrast to units

such as cubes that obtain their main resistance from their mass, there is not sufficient

information for interlocking concrete armour units to judge whether damage to high density
interlocking armour units can be described uniquely by the stability parameter, H/(AD,,). If 3
high density interlocking armour units are considered, the hydraulic and structural

performance needs to be studied in detail with extra attention on the effects of a non-

standard concrete mass density.
Design of uniformly placed hollow armour units

The stability of uniformly placed hollow units is based on friction between neighbouring
blocks and depends primarily on layer thickness and partly also on unit weight. The friction
between uniformly placed units varies much less than interlocking between randomly placed
units. The resistance of a friction type armour layer is therefore more homogeneous than for
interlocking-type armour layers and is very stable. Stability coefficients of K;, > 100 (Hudson
formula, see Section 5.2.2.2) have been determined in model tests. The required safety
margins for the hydraulic design of hollow unit armour layers are smaller than for
interlocking armour layers. Other advantages of hollow units are single-layer placement,

relatively small armour units, placement of multiple units and a relatively high porosity (eg
60 per cent) of the armour layer, which is advantageous with respect to concrete savings and

hydraulic performance.

The placement of hollow armour units on slopes with complex geometry (berms, intersecting
slopes, breakwater roundheads etc) may require special units or spacers. The underwater
placement of hollow units requires final placing by divers probably against a prefabricated
concrete toe. In a harsh environment underwater placement of these slender units to small

tolerances will be almost impossible.

The design scheme for hollow armour units is completely different to a conventional armour

layer design. For the application of hollow unit armouring it is recommended to request

design guidelines from the developers where possible (see Table 5.32, or alternatively

designers with experience of using the unit in question). Few stability design formulae have

been derived for these units; their sizing generally relies on site experience and physical

model tests. 8

Table 5.32 Development of hollow block armour units

Armour unit | Country | Year Developer

Cob UK 1966 | Coode & Partners, London

Seabee Australia | 1978 | University of New South Wales 9
Diode UK 1981 | PC Barber

Shed UK 1982 | Shephard Hill Civil Engineering Ltd

Haro Belgium | 1984 | Haecon NV

10
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Cobs and Sheds have been used in a single size (M, = 2 t and D,, = 1.3 m) for situations
where wave conditions fall between H; = 2 m and 4 m. Below the lower end of this range of
wave heights, it may be more economical to use smaller units, although some benefits may
accrue by using large units in relation to the wave height due to the reduction in the number
of plant operations required to cover the given area. Allsop and Herbert (1991) suggest an
onset of armour unit movement at H/(AD,) = 4.8 for Cob or Shed units. For more

information on Cob and Shed armouring, reference is also made to Allsop and Jones (1996).

Seabees are sized by a method derived by Brown (1983 and 1988), sometimes referred to as
blanket theory, which for pattern placement units implies the substantial independence of the
mass of the armour unit, M, (kg), and the wave height, H, (m), as described by the Equations
5.148 and 5.149:

Hy

C (1-my)CrFuA o149
M, =DA4,(1-n,)p, (5.149)
where:
D = height of the Seabee unit (m); in this case equal to {, = the layer thickness (m)
n, = (volumetric) armour layer porosity (-), approximately equal to n = porosity of
the unit (-)
Cp = hydraulic stability coefficient (-)
F, = slope angle function (-), approximated by: F, = (cota)!/3
A, = gross area of prismatic unit projected on the slope (m?)
o, = mass density of the concrete armour unit (kg/m?)
A = relative buoyant density of the unit (-).

NOTE: Equation 5.148 can be rewritten to give an expression based on the stability
parameter, N, : H/(AD) = (1-n,)Cg(cota)!/3.

The value of Cy varies with the position on the slope relative to the waterline. For design
purposes, a value of Cy is determined for the storm armour zone and then armour unit sizes
on the rest of the breakwater may be reduced progressively (to about 60 per cent of the
storm armour zone value) if desired. A typical value of Cy to be used for design is Cgz = 5.0.
The porosity of Seabees, n (-), can be varied to suit hydraulic performance, strength and
manufacturing requirements or aesthetic appeal and trafficability. Typical values for the
porosity of Seabees range from n = 0.30-0.50. When using Equation 5.149, preferred values
for the armour unit mass can be chosen (based on for example production and handling
considerations), leading to the required area size of the unit.

The original design concept for the Diode was for a unit of similar porosity and stability to
the cob, but with greater reduction of wave run-up. Primary units are placed to a strict
pattern, with the vertical edges of the corners in contact with those of adjacent units.
Additional restraint is provided by projections on the corners which interlock to limit
horizontal or vertical movements. Secondary units sit between four primary units, but do not

directly interlock.

Results of hydraulic model tests are presented in Barber and Lloyd (1984) and show high
stability relative to unit size. The original unit size of the Diode was 1.5 m in length and 1.1
m in depth, used for a scheme with a slope of 1:1.9 and a design wave height of H; = 3.3 m.

The Haro has been tested for single and double layers with pattern placement using a slope

of 1:1.5 and 1:2 (De Rouck et al, 1987 and 1994). Stability has been analysed against the
Hudson formula (see Section 5.2.2.2) suggesting K, values of 12 for Haro units placed in a
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double layer on trunks and exposed to non-breaking waves. Using the stability number
HJ/(AD,) to define the damage observed, values of about H/(AD,)) = 2.2 were found for the
no damage condition and H/(AD,)) = 3.7 for the severe damage condition for Haro units placed

in two layers on the 1:1.5 slope.
Randomly placed armour units — general design aspects

Depending on the armour unit type, concrete armour units are applied in one or two-layer
systems (see also Section 3.12 and Table 5.31).

The conventional two-layer system has been used for many years and is still very popular.
The units may have a greater or lesser degree of interlocking, depending on the shape.
Taken overall, the stability of such a layer depends mainly on stability of individual units. If
damage starts, this damage will increase if the wave height increases. A problem with larger
units (required for larger wave conditions) is that placing and rocking may lead to breakage
of units, caused by higher local stresses, and consequently to damage to the structure.
Dolosse and tetrapods, which are generally used in two-layer systems, are fairly sensitive to
breakage if they become too large (see Section 3.12) as they are relatively slender units. For
units placed in a double layer, critical failure only occurs when both layers are displaced and
underlayers are eroded. This may require considerable armour unit displacement.

In one-layer systems, units such as the Accropode, Core-loc and Xbloc are placed to a given
placement grid or density. Orientation of some rows may be specified or may be random.
The behaviour of these units under wave attack may be different from conventional two-layer
systems. The initial wave attack after construction will give some settlement to the layer,
perhaps increasing contact between adjoining units. Later storms must then overcome this
increased interlock. Units placed in a single layer may possess relatively less reserve than
units placed in a double layer as:

e after the start of damage, the underlayer will be more exposed to wave loading in the
case of single layer armouring than for double layer armour

e single layer armour is more susceptible to sudden or brittle failure progression than

double layer armour.

Interlocking single layer armour layers are therefore generally designed for no damage; even
low damage percentage levels of < 5 per cent are not accepted. In order to guarantee the
functioning of the armour layer even during a design storm the hydraulic design of single
layer armouring has a relatively large safety margin for the design stability factor, eg K, or
H/(AD,)). Under design conditions single-layer armouring should therefore show no damage
and only minor rocking. The armour layer should be further able to withstand an overload
of about 20 per cent (design wave height exceeded by 20 per cent) without significant
damage. This behaviour is advantageous compared with two-layer systems, where generally
lower safety margins are applied and where undesirable damage might therefore be expected

when the design wave height is exceeded.

The damage to armour layers of randomly placed concrete units can be quantified by the
damage numbers N, and N, (see also Section 5.2.1 and Box 5.19):

e damage number N,;: number of displaced armour units within a strip of breakwater
slope of width D, (nominal diameter of armour unit, defined as the equivalent cube size
of the unit concerned)

e damage number N;: number of displaced armour units expressed as a percentage of
the total number of armour units placed within a certain range from design water level

(a range of £1.5 H,; (design wave height) is typically considered).
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Box 5.19 Damage definitions

The evaluation of damage to concrete armour layers is commonly based on the actual number of units,
either as N,y = the number of displaced units within a strip of width D, across the slope, or as Ny =
damage percentage, relating the number of displaced units to the total number of units initially in the
armour layer. Different cross-sections - or structures - give different damage percentages for the same
damage. For example, in the case that a cross-section, with a width D,, over a length across the slope
equivalent to 20D, is subject to damage N,, = 0.5, the damage percentage amounts to N; = 0.5/20
100% = 2.5%. A shorter cross-section, consisting of eg 10 units, gives 5 per cent damage.

As N,4 gives the actual damage, as opposed to N, , which gives a percentage related to the actual
structure, preference is commonly given to the use of N, .

The definition of N,; is comparable with the definition of S, , used to indicate the damage level of rock-
armoured slopes (see Section 5.2.1). Although S includes the effect of displacement and settlement, it
does not take into account the porosity, n, (-), of the armour layer: Roughly, ie disregarding settlement, the
relation between N, and S, can be approximated by Equation 5.150 (USACE, 2003):

Noa =G(—n,)Sq (5.150)

where G = gradation factor (-) depending on the armour layer gradation, G = 1 for concrete armour units.

Generally, as n, = 0.45-0.55 for the commonly applied concrete armour units, except for cubes in one
layer (see Section 3.12.2.5), the value of S is about twice the value of N.

Typical values of N,; and N, for certain damage levels are listed in Table 5.33. Some of the
“start of damage” values are slightly modified compared with previous recommendations by
Van der Meer (1988b) and can be considered as design values. Note that using values of N,
= 0 gives a conservative design, equivalent to N; = 0 per cent damage.

NOTE: It is further essential that the structural integrity of the individual armour units is
guaranteed, either by selecting armour units with a compact shape or by preventing rocking
during construction and service life.

Table 5.33 Characteristic damage numbers for range of damage levels for concrete
armour units
Armour Damage Damage level
type number Start of damage  Intermediate damage Failure
Cube 0.2-0.5 1 2
Tetrapod Nog 0.2-0.5 1 1-5
Accropode 0 - > 0.5
Cube - 4% _
Dolos Ny 0-2% - >15%
Accropode 0% 1-5% >10%
Note

The lower values given for start of damage for cubes and tetrapods are a little more
conservative than the upper values.

Hudson formula for randomly placed concrete armour units

The required armour unit size for concrete armour units in a double layer can be assessed by
a stability formula such as that by Hudson (1953, 1959), see also Section 5.2.2.2. For concrete
armour units the Hudson formula can be rewritten to a form as presented in Equation 5.151,
using the significant wave height, H, (m), and the nominal diameter of the unit, D,, (m).

H

1/3
S =(Kpcota 5.151
AD (Kpcotar) ( )

n
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5.2 Structural response to hydraulic loading

Table 5.34 gives guidance on K, values for some of the most commonly applied double layer 1
armour units. Note that in Table 5.34, breaking waves refers to breaking on the foreshore

approaching the structure, not to breaking on the structure itself; non-breaking waves refers to

situations without wave breaking on the foreshore. More details can be found in the CEM

(USACE, 2003), SPM (CERC, 1977; CERC, 1984), BS 6349-7:1991 and and licensee’s

guidance.

Values for Kj) in the Hudson stability formula for single layer armour units are presented in
Table 5.35 (in brackets), where design values of the stability number H/(AD,)) are also
presented.

NOTE: An important issue with some types of single layer armour units is the decreasing

stability with flatter slopes. This is not taken into account by the Hudson equation and values 3
for K, only correspond to a 1:1.33 slope. For single layer armour units it is therefore

recommended to use a decreased value of the stability number (as presented in Table 5.35)

for slopes more gentle than 1:2.

Table 5.34 Hydraulic stability of double layer armour units using Kp

Kp values in Hudson stability formula
Armour unit Country Year —— o Slope
Breaking Non- Breaking Non-
waves breaking waves breaking
Cube (double) - - 6.5 75 - 5 1:1.5-1:3
Tetrapod France 1950 7 8 4.5 5.5 1:2
Tribar USA 1958 9 10 7.8 8.5 1:2
Stabit UK 1961 10 12 - - 1:2
Akmon Netherlands | 1962 8 9 - - 1:2
Antifer Cube France 1973 7 8 - - 1:2 6

Note

More values are presented in CEM (USACE, 2003), SPM (CERC, 1977; CERC, 1984), BS 6349-7:1991
and licensee’s guidance.

Stability formulae for specific types of randomly placed armour units 7

Stability formulae for various types of armour units have been developed. Stability formulae

for cubes in double and single layer, tetrapods, Dolosse, Accropodes, Core-locs and Xblocs

are discussed hereafter. As interlocking plays an important role in stability of these armour

units, and steeper slopes are preferred in view of costs, the slope angle should in general not

be steeper than 1:2; there is, moreover, only a marginal influence of the slope angle on the 8
stability (see eg Brorsen et al, 1975).

e  Two-layer cubes

For cubes in a double layer on a 1:1.5 slope with 3 < £, < 6, Equation 5.152, derived by Van
der Meer (1988a) based on non-depth-limited wave conditions, gives the relationship
between the stability number and the damage number, N, (-), the wave conditions and the 9

structural parameters.

0.4
s _f67Mod_ 419 spo1 (5.152)
ADn N0.3

where N is the number of waves (-) and s,,, is the fictitious wave steepness, defined as
2nHJ/(gT,?) (-), based on the mean wave period, T, (s). 10

CIRIA C683 591



592

o  Tetrapods

Van der Meer (1988a) presents for tetrapods in a double layer system on a 1:1.5 slope with 3.5
< £, < 6 and non-depth-limited wave conditions the stability formula, given in Equation 5.153:

0.5
A _ 3.75(%) +0.85 [5;02 (5.153)

n

Equations 5.152 and 5.153 give decreasing stability with increasing wave steepness. This is
similar to the surging zone for rock armour layers, typically &,, > 3 (see Figure 5.40 in Box
5.11). Due to the steep slopes used in the dataset, no transition was initially found to
plunging waves. De Jong (1996) analysed more data on tetrapods and found a similar
transition from surging to plunging as for armourstone layers (see also Sections 5.1.1.1 and
5.2.2.2). His formula for plunging waves (Equation 5.154) should therefore be considered
together with Equation 5.153, which now acts for surging waves only.

0.5
AHDSn = 8.6( ]\\//ON_d ] +3.94 |22 for plunging waves (5.154)
De Jong (1996) also investigated the influence of the crest height and the packing density on
the stability of tetrapod armour layers. Equation 5.154 (and also Equations 5.152 and 5.153)
is valid for almost non-overtopped slopes. With the crest freeboard defined by R,, it was
found that the stability number in Equation 5.154 can be increased by a factor with respect to
a lower crest height (see Equation 5.155, last term). It might be possible that this factor can
also be applied to stability numbers calculated with Equations 5.152 and 5.153, but this has

not been researched.

The packing density coefficient, ¢ (-), introduced in Section 3.12.1.3, is related to the layer
thickness coefficient, k;, through: ¢ = nk,(1-n,), where n is the number of layers. Normal
values for the layer coefficient for tetrapods are around k, = 1.02. Lower values were used in
tests and have lead to Equation 5.155 as a stability formula for tetrapods for plunging

conditions that also includes the influence factor for the crest freeboard, R,/D,, (-).

0.5
Ay _ 8.6(M] +2.64k, +1.25 | 5,02 [1+0.17exp[—0.61%]) (5.155)

AD, JN

For more information on the influence of the crest height and packing density for tetrapods,
reference is also made to Van der Meer (2000) and Pilarczyk (1998).

n

e Dolosse

Burcharth and Liu (1993) presented Equation 5.156 as the stability formula for Dolosse on a
1:1.5 non-overtopped slope (with: 0.32 <r < 0.42; 0.61 < ¢ < 1):

AI;;S =(17-26r)¢*> N, )3 N7 (5.156)

n

where r is the waist ratio (-), the diameter of central section over unit height (see Section 3.12.2.3
for further details) and N is the number of waves, for N > 3000 use N = 3000 in Equation 5.156.

Holtzhausen (1996) presented Equation 5.157 for Dolosse that is valid for packing density
coefficients in the range of 0.83 < ¢ < 1.15:

7
. H 1.51
Nog =6.95-107°| ——5— | ¢" (5.157)
A*7p,

Equation 5.157 implies that as the packing density is decreased, the number of units
displaced (damage) is decreased. This would mean that armour layers with lower packing
densities are more stable than those with higher densities, for the range of packing densities
for which the equation is valid. A physical explanation for this characteristic of Equation

5.157 is that high packing densities do not allow optimum interlocking.
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A distinct feature of lowering the packing density is that the reserve stability is reduced. 1
Holtzhausen (1996) presented Equation 5.158 as approximation of the damage number for
Dolosse at failure, N,y ¢ (for ¢ < 1.15).

Noa_f=1087¢ 6.2 (5.158)

NOTE: The unit weight of Dolosse should not exceed 30 t. Typical stability numbers for 2
Dolos armouring on a 1V:2H slope with a damage level of about 2 per cent (initial damage)

are listed in Table 5.35. Increased storm duration of 3000 waves (instead of 1000 waves) may

reduce the stability number by about 10 per cent. The shape of Dolos armour units may vary

with size. The waist ratio, r (-), for Dolos units is typically 0.32; an increased waist ratio is

recommended for larger units (0.34 for units of 20 t and 0.36 for units of 30 t). Further

details on the shape of Dolos units can be found in the SPM (CERC, 1984). The stability 3
number of Dolos armouring decreases approximately linearly with increasing waist ratio (see

Table 5.35).

®  Accropodes

Van der Meer (1988a) tested Accropodes and found that storm duration and wave period 4
have no influence on the hydraulic stability. It was also found that the no damage and failure
criteria for Accropodes are very close. Tests were performed with non-breaking wave
conditions on a slope of 1:1.33, but a similar behaviour is expected for a 1:1.5 slope. Stability
for Accropode layers can therefore be described by two simple formulae — Equations 5.159
and 5.160 for start of damage and failure respectively — based on a fixed stability number. Note
that these are empirical data based on model tests — thus not meant for design without first

applying a safety factor.

H

— =37 start of damage, N,; = 0 (5.159)
AD,
Ay =4.1 failure, N,; > 0.5 (5.160)

D, 6

NOTE on safety factor: As start of damage and failure for Accropodes are very close, although

at very high stability numbers (see also Figure 5.48), it is recommended that a safety factor

for design is used of about 1.5 on the H/(AD,)-values. This has led to the design values for

the stability number, H/(AD,), as presented for Accropodes in Table 5.35. The use of this

stability number (N, = 2.5 to 2.7), which includes a safety factor, leads to the earlier discussed
advantageous behaviour of some single layer armour units, that is the ability to withstand an 7
overload of about 20 per cent in wave height without significant damage.

® Core-loc and Xbloc

More recently developed single layer units such as the Core-loc and the Xbloc (see Section

3.12) were found to have a similar behaviour to Accropodes. On model test the hydraulic 8
stability of Core-locs seems better than that of Accropodes, but the recommended stability

numbers for design with Core-locs and Xblocs (that include a safety margin) are close to

those for Accropodes (see Table 5.35). It should be noted that the structural integrity of

Core-locs may be less than that of Accropodes.

NOTE on the hydraulic stability of Accropode, Core-loc and Xbloc: The stability of these 9
units does not increase on slopes gentler than 1:2. A further reduction of stability numbers is
recommended for situations with depth-limited wave heights in combination with steep

foreshore slopes. The reduction is about 10 per cent, which is similar to the recommended

reductions for the breakwater head and for breaking waves. The armour layers should

further be able to withstand an overload of 20 per cent without damage. No or minor

rocking is allowed under design conditions. 10
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e Single layer cubes

The application of cubes in a single layer has been the subject of research by d’Angremond et
al (1999), Van Gent et al (2000 and 2002). The results thereof suggest that there may be some
advantages compared with double layer armouring for some cases. The hydraulic stability as
found in model tests can be described by the Equations 5.161 and 5.162 for start of damage

and failure, respectively.

HDS =2.9-3.0 start of damage, N,; = 0 (5.161)

n

Hs 35 375 failure, N,; = 0.2 (5.162)
AD

n
Design experience with single layer cubes is very limited. It is recommended by Van Gent et
al (2000 and 2002) to use a packing density corresponding to a porosity n, = 0.25-0.3 and to
place one side of the cube flat on the underlayer. Acceptable damage levels for cubes in a
single layer are significantly less than for double layers: N,; = 2 for double-layer cubes
corresponds to about N,; = 0.2 for single-layer cubes. This is because the difference between
start of damage and failure is very small. Moreover, as there is no reserve in the form of a
second layer, damage to the armour layer will immediately result in exposure of the
underlayer to direct wave attack. It is therefore recommended to use a safety factor on
Equations 5.161 and 5.162 (as for other single-layer armour units), which leads to values for
the stability number of single-layer cubes to be used for preliminary design that are close to
those for double layer cubes (see Table 5.35).

NOTE: The use of single-layer cubes on the crest requires special attention, as stability
seems to be poor when using the same size as on the front slope. At the time of writing this
manual this subject was not yet resolved to such a sufficient level that any design guidance
could be included here.

Figure 5.47 illustrates the hydraulic stability as found in model tests, expressed by the
stability number H/(AD,), for three concrete armour units by presenting the start of damage
and failure limits (for cubes, N,; = 0.5 and 2.0; tetrapods, N,; = 0.5 and 1.5 and Accropodes,
N,

o¢ = 0and 0.5, respectively — see Table 5.33) against the fictitious wave steepness, s, (-), for

a storm duration of N = 1000 waves.

NOTE: This graph presented in Figure 5.47, is not a design graph; values of the stability
number with a safety factor for the single-layer units that are suggested for use in
preliminary design, are given in Table 5.35.

6
5 4
< ™~ ~
Q ~
S‘,‘4 ___h-\_\_____________
e
g Tt — e - — - cubes, double layer
2 34— _ — _ tetrapods
2 Q\ e e ——,———_——— — — — Accropodes
>
= 24
=
K
n
14
0 T T T T
0.01 0.02 0.03 0.04 0.05 0.06

Wave steepness, S,, = 2nH/(gT,’)

Figure 5.47 Stability number versus fictitious wave steepness based on results of model tests for
start of damage and failure limits (N = 1000 waves; side slope 1:1.5)
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5.2 Structural response to hydraulic loading
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Figure 5.48 presents damage curves based on Equations 5.151 to 5.153 for double layer
cubes and tetrapods (with s, = 0.03 and N = 1000 waves) and Equations 5.159 and 5.160
for Accropodes. The design values for start of damage for Accropodes and single-layer cubes,
N,; = 0 (see Table 5.35), have been included in this Figure 5.48 to illustrate how the damage
development occurs with double layer units compared with that of single layer units, eg the
Accropode. The design value of the stability number, Ny, is less critical for double layer
systems because of the linear damage development (see Figure 5.48) than for single layer
systems. The suggested N; value for design of double-layer cubes (with N,; = 0.5) coincides
with the value of the stability number for preliminary design of single layer cubes, when

applying a safety factor of 1.5 on the start of damage-value found in tests.

2.5
2 - .
Test results:
3
- ———— Cubes, double layer
2 15 — — Tetrapods
® Accropodes
>
£
s 14
e Design values N,
05 ===2:@ Cubes, single layer
= —. @ Accropodes
0
0 1 2 3 4 5

Stability number, H, /4D,

Figure 5.48 Damage curves from start of damage to failure (s,,, = 0.03 and N = 1000 waves);
Note that the design value of the stability number for Accropodes (Ng = 2.5) is
approximately 2/3 of the “start of damage’-value, Ng = 3.7

Figure 5.49 presents an overview of the suggested range of stability numbers, N, for
conceptual design purposes for: cubes (double and single layer), tetrapods, Accropodes,

Dolosse, Core-locs and Xblocs.

4.0

3.0

HJAD,

2.0

Cube
double Tetrapod Accropode| Core-loc

1.0

Figure 5.49 Suggested range of stability numbers for conceptual design
Based on Equations 5.151-5.162 and references, design values for the stability number, N; =
H/(AD,), are suggested in Table 5.35 for different types of concrete armour units to be used

for conceptual design. It is recommended to also analyse the design formulae and references

presented in this section.
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5 Physical processes and design tools

Table 5.35 Hydraulic stability of armour units using Hy/(AD,)

Stability number Hy/(AD)
Ll Damage level References/remarks
type
0, — —
0% 1.8-2.0 Brorsen et al (1975)
2% 2326 B slope: 1:1.5 and 1:2
0% (N,qy =0 1.5-1.7 -
# (Noa = 0) Van der Meer (1988a) *
Cube slope 1:1.5
5% (N,qy = 0.5 - _
(2 layers) 6 (Nog ) 2.0-2.4
2.2 2.1 1.95 - slope 1:1.5
SPM (CERC,
0, _ .
<5% 2.45 2.35 2.15 1984) slope 1:2
2.8 2.7 2.5 - slope 1:3
Cube 2.3 0% (N,q = 0) 2.2-2.3 - Van Gent et al (2000)
(1 layer) ° e
0% (N,y =0 1.7-2.0 -
® (Nog = 0) Van der Meer (1988a) 1
5% (Nog = 0.5) | 2.3-2.9 B slope 1:1.5
Tetrapod <5% 2.3 2.2 2.1 1.95 slope 1:1.5
SPM (CERC, ]
2.5 2.4 2.2 2.1 1984) slope 1:2
2.9 2.75 2.3 2.2 slope 1:3
2% (Nog = 0.3) 2.7(r=0.32)4 -
i 5
25(r=034)4 B Burcharth and Liu (1993)
slope 1:1.5
Dolos
2.3(r=0.36)4 -
<5% (Noy = 0.4) 3.2(r=0.32)4 - Holtzhausen (1996) 6
Accropode | 0% (Nyg = 0) 2.7 (15) 2.5(12) | 2.5(11.5) | 2.3(9.5) | Sogreah (2000) 7.8
Core-loc 0% (Nog = 0) 2.8 (16.0) 2.6 (13.0) Melby and Turk (1997) 7. 8
Xbloc 0% (Nog = 0) 2.8 (16.0) 2.6 (13.0) DMC (2003) 7. 8
Notes

General: the permissible amount of damage is not the same for all units (5 per cent might be acceptable
for some units while for other units 5 per cent may be too much).

! Storm duration N = 1000-3000 waves; fictitious wave steepness, s,,, = 0.01-0.06.
2 Assuming a safety factor of about 1.5 (against sudden failure), similar to that of Accropodes.

3 Densely placed, n, = 0.25 with a rather smooth surface, ie cubes with one side flat on the
underlayer.

4 r = waist to height ratio, = ratio of the diameter of waist of central section and the total height of
unit.

5 Packing density coefficient ¢ = 0.83; storm duration N = 1000 waves.
6 Packing density coefficient ¢ = 0.83.
7 In brackets: corresponding Hudson K, coefficient for a 1:1.33 slope.

8 Stability does not increase on slopes gentler than 1:2, a further reduction of stability numbers is
recommended for situations with depth-limited wave heights in combination with steep foreshore
slopes.
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5.2 Structural response to hydraulic loading

Many armour units are licensed through patents and the licensees have developed standards 1
of practice and knowledge bases that allow them to provide support in design and

construction monitoring. More up-to-date or comprehensive guidance may therefore be

available from the licensees.

Strength of concrete armour units

Concrete armour units cannot provide efficient and robust armouring if the units fail
structurally. Units should therefore only be used within their range of application. Structural
strength of concrete armour units is discussed in Section 3.12, where further guidance and

references are given.
Underlayers for concrete armour 3

Concrete armour units always require an underlayer to be of a specific size to ensure a

proper transfer of loads, to obtain sufficient permeability and to resist outward movement of

fines. As for rock armouring, a relatively narrow graded rock material should be used for the

underlayer in view of permeability. Since a reduced permeability often leads to a lower

stability of the armour it is important that the underlayer material is not too small and the 4
grading is not too wide. As rules of thumb for most concrete armour units the following is

applicable:

® the median armourstone mass of the underlayer, M5 (kg), should be about 1/10 of the

armour unit mass

e the ratio of the Nominal Upper Limit (NUL) and Nominal Lower Limit (NLL) of the

armourstone mass should be between 2 and 3 as defined in the European Standard for

Armourstone EN 13383-1 (see Section 3.4.3 for further details). This requirement is met
by all of the EN 13383 standard gradings with NLL values greater than 1 t

® the NUL of the armourstone grading (in mass) for the underlayer should normally not
exceed 15 per cent of the armour unit mass as accurate placement of armour units

requires a relatively smooth surface of the underlayer 6

e the NLL of the underlayer armourstone (in mass) should not be less than 5 per cent of
the armour unit mass in order to prevent armourstone material from being washed out

through the pores of the armour layer

e for single layer interlocking armour units (Accropode, Core-loc and Xbloc), the nominal
limits of the armourstone mass of the underlayer should be between 7 per cent and 14 7

per cent of the armour unit mass

® for cubes in a single layer with a porosity of n, = 0.25 an underlayer with material
between 5 per cent and 10 per cent of the armour unit mass provides the best

performance.

These recommendations are summarised in Table 5.36. 8

Table 5.36 Suggested armourstone size for underlayer with concrete armour units

Type of armouring Underlayer stone mass, M,, relative to mass of armour unit, M,
Single-layer cubes Msg , = 0.07 M, Mmin,u 2 0.05 M, Mmax,u < 0.10 M, 9
Single-layer interlocking units Mso,, = 0.1 M, Mmin,u 2 0.07 M, Mipaxy < 0.14 M,
Double-layer armouring Mszq,, = 0.1 M, Mmin,u 2 0.05 M, Mmax,u < 0.15 M,

Note 10

M, = armour unit mass (kg); M, = armourstone mass for underlayer (kg).
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Detailed guidance on the underlayers is provided by the developers of the armour units and
its licensees.

For the filter function of underlayers, reference is made to Section 5.4.5.3, where
geotechnical filter rules are discussed. For coastal structures modified filter rules are used, as
discussed above and in Section 5.2.2.10.

The use of geotextile filters underneath the underlayer material may cause the permeability
of the structure to decrease which lowers the stability of the armour layer (see Section
5.2.2.2). Note that if geotextile filters are used, the values for hydraulic stability of concrete
armour units, given in this section may be on the unsafe side, ie more damage can be

expected than without a geotextile filter beneath the underlayer.
Low-crested (and submerged) structures

Low-crested structures are defined as structures overtopped by waves with their crest level

roughly around still water level (SWL). These structures can be subdivided in:

® emergent structures with crest level above SWL: R, > 0

® submerged structures with crest level below SWL: R, < 0.

This definition might in some cases lead to the situation where one structure is sometimes a
submerged structure and at other times an emergent structure, because of varying design
water levels. Methods to determine the mass or size of the armourstone or armour units for
this transition zone (R, = 0) are available. However, not all methods lead to equal

armourstone sizes. It is advised to use the most conservative of the approaches given.

A distinction is made between statically stable and dynamically stable low-crested structures,
also called reef breakwaters.

For low-crested emergent structures a part of the wave energy can pass over the breakwater,
see also Section 5.2.2.1. Therefore, the size or mass of the material at the front slope of such
a low-crested structure might be smaller than on a non-overtopped structure. Submerged
structures have their crest below water, but the depth of submergence of these structures is
such that wave breaking processes affect the stability. Submerged structures are overtopped
by all waves and the stability increases considerably if the depth of submergence increases;
see also Section 5.2.2.1. In the case of non-overtopped structures, waves mainly affect the
stability of the front slope, while in the case of overtopped structures the waves do not only
affect the stability of the front slope, but also the stability of crest and rear slope. Therefore,
the size of the armourstone for these segments is more critical for an overtopped structure
than for a non-overtopped structure. The stability of the rear side of marginally overtopped
structures is addressed in Section 5.2.2.11.

The armour layer of a low-crested breakwater can be divided into different segments. Figure

5.50 shows an example: front slope (I), crest (II) and rear slope (III).

ch<o =

- RC>OT I

I

Figure 5.50 Division of armour layer in several segments
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5.2 Structural response to hydraulic loading

Statically stable submerged breakwaters can be designed with a broad crest, also called 1
artificial reefs. In tidal environments and when frequent storm surges occur, submerged

narrow-crested breakwaters become less effective in reducing the transmitted wave height

and more expensive broad-crested breakwaters can be an alternative (see Figure 5.51). For

broad-crested reefs reference is made to Goda (1996) for longitudinal reef systems.

Figure 5.51 Cross-section and top view of a broad-crested reef breakwater (artificial reef), according
to Pilarczyk (2003)

Statically stable emergent structures

Powell and Allsop (1985) analysed the data compiled by Allsop (1983) for emergent structures
and proposed Equation 5.163 as the relationship between the stability number, N, = H/(AD,,5),
for armourstone and the relevant structural and hydraulic parameters as well as the damage

level, expressed as N,;/N, , allowed.

1/3
s :SLln 1 Nog (5.163)
ADnSO b a Na

where a and b are imperical coefficients, and N,; and N, are the numbers of armour units
displaced out of the armour layer per width D, 5, across the armour face and the total

number of armourstone units in that same area, respectively.

The values of the empirical coefficients ¢ and b are given in Table 5.37 as function of the
relative freeboard, R /h, where h is the water depth (m) in front of the structure.

Table 5.37 Values of the coefficients a and b in Equation 5.163

s a b Sop = He/Lop ™ 8
0.29 0.07 x 104 1.66 <0.03
0.39 0.18 x 104 1.58 <0.03
0.57 0.09 x 104 1.92 <0.03 9
0.38 0.59 x 104 1.07 <0.03

Note
* $gp is the fictitious wave steepness based on T, , 5, = 20H /(g T}?).

10
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The stability of the armourstone on the front slope of a low-crested emergent structure can
be related to the stability of a non-overtopped structure. This can be achieved by first
calculating the required nominal diameter of the armour unit with one of the design
formulae presented in Section 5.2.2.2 for rock armour layers and then applying a reduction
factor on this nominal diameter, D, 5. It is, however, advised to take great care when

reducing the armour size of a low-crested breakwater.

This approach has been adopted by Van der Meer (1990a). He suggested that the
armourstone cover layer stability formulae (Van der Meer, 1988b) (see Section 5.2.2.2) can be
used with D, 5, replaced by rpD, 5. The reduction factor, rp (-), on the stone size required, is
given as Equation 5.164:
-1
Re | Sop
=|125-48—|—+— 5.164
D [ A\ 2n } ( )

where R, is the crest freeboard (m), and Sop the wave steepness in deep water (-), based on the
peak wave period, T}, (s).

NOTE: The factor RC/HS'\/(.YOP/QTE) is equal to Owen’s dimensionless freeboard, R* (see Section
5.1.1.3, Equation 5.28).

Design curves are given in Box 5.20. The limits of Equation 5.164 are given by Equation
5.165 as:

0<Be 3% 4052 (5.165)
H \ 2n

NOTE: Equation 5.164 gives an estimate for the required stone diameter on the front slope.
For the crest and the rear side a similar size of material or larger material may be required.

Rule of thumb for emergent structures
As a rule of thumb Equation 5.166 can be used to obtain a first estimate of the stone size,
D, 50 (m), in a conceptual design phase for emergent structures (Kramer and Burcharth,
2004) in depth-limited wave conditions, ie with breaking waves on the foreshore.
HS
D, 50 20.3h forT =0.6, cotay, 2100 and A=1.6 (5.166)

where H| is the significant wave height at the toe of the structure (m); / is the water depth at
the toe of the structure (m); ¢ is the slope angle of the foreshore (°).

NOTE: Other values for H/h, cota; and A might lead to very different values for the stone

size required.
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5.2 Structural response to hydraulic loading

Box 5.20 Design curves for low-crested (emergent) structures

As shown in Figure 5.52, the required armourstone size for a rock-armoured structure with a crest level at
SWL (R./Hs = 0) is 80 per cent of that required for a structure where the crest level is at such level that
no or hardly any overtopping takes place. This is dependent on the value of the wave steepness, s, (see
Figure 5.52), with a minimum of SWL + 0.5H; for s, = 0.04. The required mass of the armourstone on
the front side slope amounts in this case to: (0.8)3 = 0.5 Mg, required for non- or only marginally
overtopped structures as discussed in Section 5.2.2.2.

1.2
1.1 —
1.0
g gird
a ~
5 09 -
L‘CI
8
Q
]
s 08 Sop=0.04
o
8 - Sp=0.03
o Sep=0.02
0.7 Sep=0.01
Sep=0.005
0.6
-0.5 0 0.5 1.0 1.5 2.0
Relative crest height, A /H
Figure 5.52 Design curves for low-crested emergent structures, R, > O (courtesy Van

der Meer, 1990a)

Statically stable emergent and submerged structures

Vidal et al (1995) developed a stability formula for rock-armoured statically stable low-crested
structures (both emergent and submerged). They divided the armourstone cover layer of the
breakwater into several segments: the front slope, the crest, the rear-side slope and the total
section. They made use of the following four damage levels: initiation of damage (ID),
Iribarren’s damage (IR), start of destruction (SD) and destruction (D). These levels can be
approximated by a damage level parameter, S, (-), as defined in Section 5.2.1, according to
Table 5.38.

Table 5.38 Approximate S values for different definitions of damage for different segments of the

breakwater
Damage level Front slope Crest Rear-side slope Total section
Initiation of damage 1.0 1.0 0.5 1.5
Iribarren’s damage 2.5 2.5 2.0 2.5
Start of destruction 4.0 5.0 3.5 6.5
Destruction 9.0 10.0 - 12.0

Figure 5.53 shows an example of the damage to a submerged rubble mound breakwater after
wave attack. This figure also illustrates the point of making a distinction in front slope, crest

and rear-side slope.
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Figure 5.53

Example of cross-section of
submerged breakwater; (upper)
dashed line is initial profile; solid
line is profile after wave attack

With Equation 5.167 the stability of the front slope rock armour layer can be determined as a
function of the relative crest height based on the ratio R,/D,5:

2
A, =A+BR”+C( R, ] (5.167)

ADI!50 n50 D

nS0

The coefficients A4, B and C depend on the segment of the breakwater and the damage level.
Table 5.39 shows the coefficients for initiation of damage; see Vidal et al (2000).

NOTE: Equation 5.167 is the best fit through the test data. Vidal et al (1995) did not provide
information on the spreading around the values predicted with Equation 5.167.

Table 5.39 Fitting coefficients of the stability curves for initiation of damage

Segment A B C

Front slope 1.831 -0.2450 0.0119
Crest 1.652 0.0182 0.1590
Back slope 2.575 -0.5400 0.1150
Total section 1.544 -0.230 0.053

These coefficients are considered valid for the experimental test conditions within the ranges
shown in Table 5.40. This table shows that Equation 5.167 can be applied for both statically
stable submerged and emergent structures.

Table 5.40 Test conditions of tests of Vidal et al (1995)

Parameter Symbol Range
Front and rear slope angle tana 1:1.5
Relative buoyant density A 1.65
Number of waves N 2600 - 3000
Fictitious wave steepness Sop 0.010 - 0.049
Non-dimensional freeboard R¢/Dnso -2.01 -2.41
Non-dimensional crest width B/Dpso 6.0
Non-dimensional structure height d/Dpso 16 - 24
Stability number Hg/(AD50) 11-3.7
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Burger (1995) reanalysed the experimental data of Van der Meer (1988b) (see Table 5.41) 1
and of Vidal et al (1995) (see Table 5.40). The armour layer was divided into three segments:

front slope, crest and rear-side slope, see Figure 5.50. Also the total cross-section was

analysed. Burger (1995) developed a graph that indicates the stability of (the segments of)

low-crested structures at start of damage, see Figure 5.54.

Table 5.41 Ranges of test conditions used by Burger (1995) 2
Parameter Symbol Range
Front side slope tana 1:1.5
Rear-side slope tana,ear 1:2
Relative buoyant density A 1.61 3
Number of waves N 1000 - 3000
Fictitious wave steepness Sop 0.010 - 0.036
Non-dimensional freeboard R¢/Dpso -2.9-3.0 4
Non-dimensional crest width B/Dpso 8.0
Non-dimensional structure height d/Dpso 9-15
Stability number Hg/(AD50) 1.4 - 4.0
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Note

This graph should be used with care, because the curves are partly based on extrapolation of test
results (Tables 5.40 and 5.41); test results were based on data in the range of: -2.9 < R/D,,5( < 3.0.

Figure 5.54 Graph for low-crested rubble mound structures, for start of damage of various
segments, front, crest, rear and total structure, after Burger (1995)

NOTE: Figure 5.54 shows the best fits through the test data. No information on the
spreading around the curves is given.

Burger (1995) concluded that the damage at the front slope is almost always governing in the 9
case of emergent structures (R, > 0) or with the crest at the still water level. Only for

submerged structures (with R, < 0) and substantial damage the crest is the least stable

segment. For the entire structure the influence of the wave period is less than the influence

of the freeboard. In most cases relatively shorter wave conditions are predominant; however,

for the governing segments with a negative freeboard longer waves are predominant. Also

for the entire structure the longer waves appeared to be predominant. 10
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If significant overtopping occurs, the graph shown in Figure 5.54 can be used to obtain a
first estimate. This graph shows that for submerged structures there can be a significant
reduction in the size of armourstone required for stability, compared with that for non-

overtopped structures. For emergent structures this reduction would be negligible.

It is advised to apply a minimum width of the crest equal to 3 to 4 times the median nominal

diameter, D, , of the armourstone applied on the front slope.

Kramer and Burcharth (2004) calibrated coefficients from Equation 5.167 based on 3D
physical model tests: A = 1.36, B = -0.23 and C = 0.06, based on the least stable section of
the structure. No information is available about the spreading around the prediction based
on these coefficients. The range of validity of Equation 5.167 is based on test conditions
within the ranges given in Table 5.42.

Table 5.42 Range of validity of Equation 5.167 with A =1.36, B=-0.23 and C = 0.06

Parameter Symbol Range
Front and rear-side slope tana 1:1.5
Relative buoyant density A 1.65
Number of waves N 1000
Fictitious wave steepness Sop 0.020 - 0.035
Non-dimensional freeboard R¢/Dpso -31-15
Non-dimensional crest width B/Dpso 31-77
Non-dimensional structure height d/Dpso 9.1
Angle of wave attack B -20° - 20°
Stability number Hg/(AD50) 1.2-4.8

Statically stable structures — comparison of stability formulae

Several stability formulae exist for the evaluation of the stability of low-crested structures.
The designer should check whether the formulae presented here are valid for the desired
application (see ranges of validity given in Tables 5.40, 5.41 and 5.42). If all input parameters
are available (and sufficiently accurate) and more than one formula is considered to be valid
for the desired application, a sensitivity analysis should be undertaken. The choice should
then be based on whether, for a particular application, a conservative estimate or a best-guess

(an average) is required.

Figure 5.55 shows the design formulae by Vidal et al (1995), Burger (1995) and Kramer and
Burcharth (2004) for start of damage. The figure shows that all formulae follow
approximately the same trend: with decreasing relative freeboard (R,/D,5, < 0) an increase
in stability is predicted, while with increasing relative freeboard (R,/D,,5, > 0) the stability of
the front slope and the entire breakwater remains more or less constant. In the range of
approximately -3 < R,/D, 5, < -1 the method by Burger (1995) provides the most
conservative estimates (ie start of damage at the lowest wave height for a given stone
diameter and crest elevation) and in the range of approximately -1 < R/D, 5, < 1.5 the
method by Kramer and Burcharth (2004) provides the most conservative estimates.
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Figure 5.55 Comparison of stability formulae for low-crested structures for start of damage

Rule of thumb for submerged structures 4

Equation 5.168 — a rule of thumb — can be used to obtain a first estimate of the median

nominal diameter of the stones, D, 5, (m), in a conceptual design phase for submerged

structures in depth-limited wave conditions, ie with breaking waves on the foreshore

(Kramer and Burcharth, 2004; Lamberti, 2005):

D,50=0.3d for%=0.6, cota, 2100 and A=1.6 (5.168)

where £ is the water depth at the toe of the structure (m), d is the height of the structure
relative to the seabed (m) and a is the slope angle of the foreshore (°).

NOTE: Other values for H/h, coto, and A might lead to very different values for the stone 6
size required.

Dynamically stable structures

Dynamically stable structures are reef-type structures consisting of homogeneous piles of

armour stones without a filter layer or core. Some reshaping by wave action is allowed. The 7
equilibrium crest height and the corresponding wave transmission are the main design

parameters. Wave transmission is described in Section 5.1.1.4. In most situations the crest of

reef-type structures is submerged after reshaping.

Analysis of the stability of these structures by Ahrens (1987) and Van der Meer (1990a)

concentrated on the change in crest height due to wave attack. Ahrens (1987) defined a

number of non-dimensional parameters to describe the behaviour of the structure based on 8
physical model tests. The main non-dimensional parameter was the relative crest height

reduction factor (d/d); the ratio of the crest height after completion of a test (d) and the

height at the beginning of the test (d()). The natural limiting values of this ratio are 1 and 0.

Ahrens (1987) found more displacement of material for conditions with a longer wave period

than for conditions with a shorter period. Therefore, Ahrens (1987) introduced the spectral
(or modified) stability number, N *, as defined with Equation 5.169. 9
* -1/3 H —-1/3
Ny =N,(H,JL,) " =——(H,/L,) (5.169)
ADnSO

where Ny is the stability number (-) and L, is the local wavelength (m), calculated with linear
wave theory using T, (s) and the water depth at the toe of the structure (see Section 4.2.4.2).

10
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The crest height, d (m), can then be described by Equation 5.170:

d =+ 4 exp(=aNy )

(5.170)

where A, is the total cross-sectional area of the structure (m?); @ is an empirical parameter (-),

see Equation 5.171. Van der Meer (1990a) determined this empirical parameter a based on

all model tests carried out by Ahrens (1987):

a=-0.028+0.045C, + 0.034% -6-107 N}

where:

Cy = as-built response slope, C = A, /d? (-)
dy = as-built crest height (m)

h = water depth at the structure toe (m)
N, = bulk number (-), N, = A4, /(D,50)*

(5.171)

If Equation 5.170 leads to d > d, then d should be kept equal to dy. In Box 5.21 an example
is given of the results of the calculation of the (reduction of the) crest height, d.

The range of validity of Equations 5.170 and 5.171 is presented in Table 5.43.

Table 5.43 Range of validity of Equations 5.170 and 5.171
Parameter Symbol Range
Response slope Co 1.5-3
Bulk number N, 200 - 3500
Non-dimensional freeboard R¢/Dnso -29-3.6
Non-dimensional freeboard Re/Hs -1.0 - 5.5
Non-dimensional crest width B/Dpso 3-9
Non-dimensional structure height do/h 0.8-1.4

Box 5.21 Example of calculation result of crest height

The reduction in crest height of low-crested, reef-type structures, can be calculated with Equations 5.170
and 5.171. Figure 5.56 shows an example of an application of these equations with the relative crest

height as a function of Ny* (defined in Equation 5.169).
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Figure 5.56 Example of a calculation of the crest height of a dynamically stable reshaping reef-type

structure as function of the modified stability number Ns* (courtesy Van der Meer, 1990a)
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5225 Near-bed structures 1

Near-bed rubble mound structures are submerged structures where the crest is relatively low,
such that wave breaking does not have a significant influence. Example applications of near-
bed structures are river groynes, pipeline protection, and intake and outfall structures near

power and desalination plants. Figure 5.57 shows a sketch of a near-bed structure with the

most important parameters that influence stability. 2
o E
F S R L &
L Figure 5.57 3
= .
S e Definition sketch of a near-bed

,_T_ -t " rubble mound structure

Hydraulic loads on near-bed structures include waves, currents, or a combination of waves
and currents. Information on the stability of near-bed structures for conditions where waves

or currents approach the structure under an angle (other than perpendicular) is scarce. 4

This section focuses on the stability of near-bed structures under waves, or waves in
combination with a following current (a current in the same direction as the direction of the
waves). This method should not be applied outside the range of validity, especially for
conditions in which the waves approach the structure under a different angle to the currents,
as this may lead to an underestimate of the amount of damage. In this method the influence
of the waves dominates over the influence of the currents. Section 5.2.3.2 addresses the
stability of near-bed structures under currents only. It is not yet entirely clear how to deal

with a situation in which strong currents and relatively small waves exist. A possible approach
is described in Section 5.2.1.9.

Stability of near-bed structures under waves and currents 6

The parameter to be predicted is one that characterises the amount of material displaced

from its original position. For rock slopes the area eroded from the original cross-section, 4,

(m?), is a common parameter for characterising stability. Dividing this area by the square of

the stone diameter, D, 5, (m), provides a non-dimensional parameter — damage level —

characterising the stability: S; = A4, /D, 5,2, see Section 5.2.1. Compared with conventional 7
rubble mound breakwaters with a crest level well above still water level, near-bed structures

are usually built of armourstone with a smaller diameter and the number of layers of

armourstone is usually much higher than two. Therefore, a much higher damage level can

be allowed for near-bed structures. If for example a pipeline is covered with 10 layers of

armourstone, the pipeline will be exposed at a damage level of for example S; = 20 or larger.

If more layers of armourstone are covering the pipeline, an even higher damage level is 8
allowed. There is no strict guidance yet on which damage level should be applied in different

situations. If a more accurate prediction of the stability of the near-bed structure is necessary,

it is advised to perform physical model tests.

To predict the amount of damage information is needed on (for definitions see Figure 5.57):

significant wave height, H, (m), and mean wave period, T, (s), from time-domain analysis
e number of waves, N (-)

e depth-averaged velocity of the current, U (m/s)

e water depth on top of structure, A, (m)

e armourstone diameter, D, 5, (m), and its relative buoyant density, A (-). 10
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To predict the amount of damage a mobility parameter, 6 (-), is used, as defined in Equation
5.172:

u2

8AD,5

(5.172)
where u is the characteristic velocity (m/s).

The peak bottom velocity, u, (m/s), calculated as if it is the velocity at the crest of the near-bed
structure, is used for the characteristic local velocity, u (m/s). Equation 5.173 gives the
maximum wave-induced orbital velocity (m/s), based on linear wave theory (see Section
4.2.4).

H 1

_ = 5.173
t T inh ki, 6-179)

m

where £ is the wave number, k = 2r/L,, (1/m); h, is the water depth on the crest of the near-
bed structure (m).

The prediction method is the result of the best fit on the data shown in Figure 5.58.
Equations 5.174 and 5.175 give the relationship between the mobility parameter, 0 (-), the
damage level parameter, S; (-), and the number of waves, N (-).

3
2
S _ 0293 =02 (5.174)
JN 8AD,5
or:
2 1/3

Ul (sS4 (5.175)

8AD,5 \/N

where u is the local characteristic velocity (m/s), equal to: u,, the maximum wave-induced
orbital velocity (m/s).

There is no parameter in Equation 5.174 that describes the influence of currents.
Although there is an influence of currents on the amount of damage, available data show
that this influence can be neglected within the following range: U/u, < 2.2, where U is the

depth-averaged current velocity (m/s), for the following range of the mobility parameter:
0.15 < u,? /(gAD,50) < 3.5.

Neglecting the effects of currents outside this range cannot be justified (based on the analysis of
154 conditions by Wallast and Van Gent (2003), including data by Loménaco (1994)).

.
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Figure 5.58 lllustration of the spreading around Equation 5.174 for the stability of
near-bed structures
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Equation 5.174 is the best fit on the measured values from model tests. Spreading exists 1
around the predicted values, see Figure 5.58. The differences between the predictions of

S,/NN and existing data are characterised by a standard deviation of ¢ = 1.54 for conditions

with waves only and o = 1.58 for conditions with waves in combination with a current. Table

5.44 shows the range of validity of Equation 5.175. A way to take the spreading into account

for design purposes is by using an additional factor, a, with a value of @ = 3 in Equation

5.174: S;NN = 0.66 %; and in Equation 5.175: 8 = (5/3-S;NN)1/3. 2

NOTE: This factor a = 3 is slightly larger than the factor used to indicate the 5 per cent
exceedance level, ie 1.64 o, assuming a normal distribution; this is mainly due to the

relatively large spreading at small levels of SN (see Figure 5.58).

Table 5.44 Range of validity of Equations 5.173 to 5.175 3
Parameter (unit) Symbol Range
Front side slope (-) tana 1:8-1:1
Relative buoyant density (-) A 1.45 - 1.7
Number of waves (-) N 1000 - 3000 4
Fictitious wave steepness (-) Som 0.03 - 0.07
Non-dimensional velocity (-) U?/(8ADy50) 0-10
Ratio wave height - water depth (-) Hg/h 0.15 - 0.5
Ratio wave height - depth at crest (-) Hg/he 0.2-0.9
Stability number (-) Hg/(ADp50) 5 -50
Damage level parameter (-) Sy < 1000
At the time of writing this manual it is not entirely clear how to deal with waves and/or 6

currents not approaching the structure perpendicularly. It is therefore recommended to
perform physical model tests to investigate the effects of oblique wave and/or current attack
on the amount of damage. Physical model tests are also recommended to investigate the
effects of waves and currents outside the ranges specified in Table 5.44.

5226 Reshaping structures and berm breakwaters 7

This section discusses the design guidelines for the outer armour layers of berm breakwaters.
They can — in accordance with the recommendations of PIANC (2003a) — be divided into
three types:

Type 1 ~ Non-reshaping statically stable, in this case few stones are allowed to move, similar 8

to the conditions for a conventional rubble mound breakwater.

Type 2 Reshaped statically stable; in this case the profile is allowed to reshape into a

stable profile with the individual stones also being stable.

Type 3 ~ Dynamically stable reshaping; in this case the profile is reshaped into a stable
profile, but the individual stones may still move up and down the slope. 9

Reshaping rubble mound berm breakwaters (Type 2 and Type 3 above) are different from

conventional rubble mound breakwaters as indicated in Figure 5.59. A conventional rubble

mound breakwater is required to be almost statically stable under design wave conditions,

whereas a ber